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August 13 - 16, 2002

San Luis Obispo, California

CALIFORNIA

Welcome to the 53 Annual Highway Geology Symposium. The California
Department of Transportation extends a very warm welcome, and hopes you
enjoy your stay in the central California coast. We are honored to be this
year’s symposium host, in partnership with the California Geological
Survey.

California is blessed with some of the most diverse and challenging geology
in the world. The Coast Ranges, created by subduction and transform
faulting, the alluvial sequences of the Great Valley, the Sierra Nevada Range
created through intrusion, uplift and exhumation, the North Coast still
undergoing subduction, the volcanically active Modoc Plateau, and the basin
and range province of the eastern Sierra, provide exceptional scenic beauty,
and exciting opportunities for the geotechnical professional. We hope that
your visit includes visual delight, and an increased appreciation of the
geologic complexity of our continental margin state.

The Highway Geology Symposium is a unique event, bringing together the
practicing engineers and geologists who support the special transportation
responsibilities of public agencies. This year’s symposium presents
practical information from outstanding practitioners in the field of
engineering geology and geotechnical engineering. We believe you will find
the information interesting and immediately useful in your own practice.
The opportunity to meet and share information with your peers will increase
your current knowledge, and provide knowledgeable contacts for help in the
future.

Sincerely

SN

JoanYan Velsor
Chief, Geotechnical Services
California Department of Transportation
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GRAY DAVIS
GOVERNOR
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STATE OF CALIFORNTIA

Welcome to California and the 53" Highway Geology Symposium. The
California Geological Survey is proud to co-sponsor this year’'s symposium
with California Department of Transportation. We know that you will find
the symposium program and field trip informative and intellectually
stimulating and hope that you can spend some additional time in our state
sampling the geological wonders.

Befitting a state whose discovery, settlement, and continuing development
was influenced by geologic resources and geologic hazards; California
has more than its share of spectacular geologic features. The Big Sur
coast, which you will see on the field trip, is certainly one of the scenic and
geologic wonders of our state, but the San Andreas fault at Parkfield or
the Carrizo Plain is only about 40 miles east of San Luis Obispo.
Yosemite Valley and the High Sierra is about 200 miles to the northeast.

The complex and continuing geologic deformation of the state has formed
these scenic areas, but also results in earthquake and landslide hazards
to many of our communities and lifelines. At the California Geological
Survey we provide geologic and seismic information to other state
agencies, local governments and the public so that Californians can
consider and mitigate the hazards that always accompany development in
a geologically active region. We hope that the information you receive at
the symposium and in California help you in your missions to produce
safe and reliable transportation systems by considering the geologic
environment in which they are built.

Sincerely
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The local organizing committee for the 53" Annual Highway Geology Symposium would
like to express its appreciation to the following exhibitors and sponsors. You are invited
to visit their displays. If you have occasion to be in contact with these organizations at
the Symposium or in the course of your work, please be sure to express your
appreciation.

Exhibitors
Janod Inc. Vertec Contractors, Inc.
Geo Brugg KANE Geotech, Inc.

Hi-Tech Rockfall Construction Pacific Blasting & Demolition Ltd.
Hayward Baker, Inc. Maccaferri, Inc.
Ruen Drilling, Inc. Golder Assoicates

Whyllie/Norrish Rock Engineers, Inc.

Crux Subsurface Inc. Jensen Drilling Co.

Hilfiker Retaining Walls Drilling Equipment Supply, Inc.
Central Mine Equipment Co. Fugro West, Inc.

RST Instruments, Ltd. Pennsylvania Drilling Co.
GEOKON, Inc. Williams Form Engineering Corp.
Applied Geomechanics Inc. Rembco Geotechnical Contractors
Simco Drilling Equipment Slope Indicator

AIS Construction Co. Gruppe Geotechnik Graz
Monotube Pile Corporation H.C. Nutting

P.E. LaMoreaux and Assoicates, Inc.

California Geologic Survey Caltrans
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Janod Inc.
Vertec Coontractors, Inc.
Geo Brugg
KANE Geotech, Inc.
Hi-Tech Rockfall Construction
Pacific Blasting and Demolition
Hayward Baker, Inc.
Maccaferri, Inc.
Wyllie/Norrish Rock Engineers, Inc.
Ruen Drilling, Inc.
Golder Assoicates

H.C. Nutting
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HIGHWAY GEOLOGY SYMPOSIUM

HISOTRY, ORGANIZATION AND FUNCTION

Established to foster a better understanding and closer cooperation between geologists
and civil engineers in the highway industry, the Highway Geology Symposium (HGS)
was organized and held its first meeting on March 14, 1950, in Richmond, Virginia.
Attending the inaugural meeting were representatives from state highway departments (as
referred to at the time) from Georgia, South Carolina, North Carolina, Virginia,
Kentucky, West Virginia, Maryland and Pennsylvania. In addition, a number of federal
agencies and universities were represented. A total of nine technical papers were
presented.

W.T. Parrott, an engineering geologist with the Virginia Department of Highways,
chaired the first meeting. It was Mr. Parrott who originated the Highway Geology
Symposium.

It was at the 1956 meeting that future HGS leader, A.C. Dodson, began his active role in
participating in the Symposium. Mr. Dodson was the Chief Geologist for the North
Carolina State Highway and Public Works Commission, which sponsored the 7™ HGS
meeting.

Since the initial meeting, 52 consecutive annual meetings have been held in 32 different
states. Between 1950 and 1962, the meetings were held east of the Mississippi River,
with Virginia, West Virginia, Ohio, Maryland, North Carolina, Pennsylvania, Georgia,
Florida and Tennessee serving as host state.

In 1962, the Symposium moved west for the first time to Phoenix, Arizona where the 13
annual HGS meeting was held. Since then it has alternated, for the most part, back and
forth for the east to the west. The Annual Symposium has moved to different locations as
follows:

List of Highway Geology Symposium Meetings

No. Year HGS Location No. Year HGS Location

1 1950 Richmond, VA 24 1951 Richmond, VA
3 1952 Lexington, VA 4™ 1953 Charleston, W VA
5™ 1954 Columbus, OH 6" 1955 Baltimore, MD
7t 1956 Raleigh, NC g™ 1957 State College, PA
9™ 1958 Charlottesville, VA 10" 1959 Atlanta, GA

11™ 1960 Tallahassee, FL 12" 1961 Knoxville, TN
13" 1962 Phoenix, AZ 14™ 1963 College Station, TX
15™ 1964 Rolla, MO 16™ 1965 Lexington, KY



17 1966 Ames, IA 18™ 1967 Lafayette, IN

19" 1968 Morgantown, WV 20" 1969 Urbana, IL

21" 1970 Lawrence, KS 22" 1971 Norman, OK
23" 1972 Old Point Comfort, VA 24™ 1973 Sheridan, WY
25™ 1974 Raleigh, NC 26™ 1975 Coeur d’Alene, ID
27" 1976 Orlando, FL 28" 1977 Rapid City, SD
29™ 1978 Annapolis, MD 30" 1979 Portland, OR
31" 1980 Austin, TX 32" 1981 Gatlinburg, TN
33 1982 Vail, CO 34™ 1983 Stone Mountain, GA
35" 1984 San Jose, CA 36™ 1985 Clarksville, IN
37" 1986 Helena, MT 38" 1987 Pittsburgh, PA
39" 1988 Park City, UT 40™ 1989 Birmingham, AL
41" 1990 Albuquerque, NM 42" 1991 Albany, NY

43" 1992 Fayetteville, AR 44™ 1993 Tampa, FL

45™ 1994 Portland, OR 46" 1995 Charleston, WV
47" 1996 Cody, WY 48™ 1997 Knoxville, TN
49™ 1998 Prescott, AZ 50" 1999 Roanoke, VA
51" 2000 Seattle, WA 52" 2001 Cumberland, MD

53" 2002 San Luis Obispo, CA

Unlike most groups and organizations that meet on a regular basis, the Highway Geology
Symposium has no central headquarters, no annual dues, and no formal membership
requirements. The governing body of the Symposium is a steering committee composed
of approximately 20-25 engineering geologists and geotechnical engineers from state and
federal agencies, colleges and universities, as well as private service companies and
consulting firms throughout the country. Steering committee members are elected for
three-year terms, with their elections and re-elections being determined principally by
their interests and participation in and contribution to the Symposium. The officers
include a chairman, vice chairman, secretary, and treasurer, all of whom are elected for a
two-year term. Officers, except for the treasurer, may only succeed themselves for one
additional term.

A number of three-member standing committees conduct the affairs of the organization.
The lack of rigid requirements, routing, and relatively relaxed overall functioning of the
organization is what attracts many of the participants.

Meeting sites are chosen two or four years in advance and are selected by the Steering
Committee following presentations made by representatives of potential host states.
These presentations are usually made at the steering committee meeting, which is held
during the Annual Symposium. Upon selection, the state representative becomes the
state chairman and a member protem of the Steering Committee.

The symposia are generally for two and one-half days, with a day-and-a-half for technical

papers and a full day field trip. The Symposium usually begins on Wednesday morning.
The field trip is usually Thursday, followed by the annual banquet that evening. The
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final technical session generally ends by noon on Friday. In recent years this schedule
has been modified to better accommodate climate conditions and tourism benefits.

The field trip is the focus of the meeting. In most cases, the trips cover approximately
from 150 to 200 miles, provide for six to eight scheduled stops, and require about eight
hours. Occasionally, cultural stops are scheduled around geological and geotechnical
points of interest. To cite a few examples: in Wyoming (1973), the group viewed
landslides in the Big Horn Mountains; Florida’s trip (1976) included a tour of Cape
Canaveral and the NASA space installation; the Idaho and South Dakota trips dealt
principally with mining activities; North Carolina provided stops at a quarry site, a dam
construction site, and a nuclear generation site; in Maryland, the group visited the
Chesapeake Bay hydraulic model and the Goddard Space Center; The Oregon trip
included visits to the Columbia River Gorge and Mount Hood; the Central Mineral
Region was visited in Texas; and the Tennessee meeting in 1981 provided stops at
several repaired landslides in Appalachia regions of East Tennessee.

In Utah (1988) the field trip visited sites in Provo Canyon and stopped at the famous
Thistle Landslide, while in New Mexico in 1990 the emphasis was on rockfall treatment
in the Rio Grande River canyon and included a stop at the Brugg Wire Rope headquarters
in Santa Fe.

Mount St. Helens was visited by the field trip in 1994 when the meeting was in Portland,
Oregon, while in 1995 the West Virginia meeting took us to the New River Gorge bridge
that has a deck elevation 876 feet above the water.

In Cody, Wyoming the 1996 field trip visited the Chief Joseph Scenic Highway and the
Beartooth uplift in northwestern Wyoming. In 1997 the meeting in Tennessee visited the
newly constructed future I-26 highway in the Blue Ridge of East Tennessee. The
Arizona meeting in 1998 visited Oak Creek Canyon near Sedona and a mining ghost
town at Jerrome, Arizona.

At the technical sessions, case histories and state-of-the-art papers are most common;
with highly theoretical papers the exception. The papers presented at the technical
sessions are published in the annual proceedings. Some of the more recent proceedings
my be obtained from the Treasurer of the Symposium.

Banquet speakers are also a highlight and have been varied through the years.

A Medallion Award was initiated in 1970 to honor those persons who have made
significant contributions to the Highway Geology Symposium. The selection was and is
currently made from the members of the national steering committee of the HGS.

A number of past members of the national steering committee have been granted

Emeritus status. These individuals, usually retired, resigned from the HGS Steering
Committee, or are deceased, have made significant contributions to the Highway
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Geology Symposium. A total of 20 persons have been granted the Emeritus status. Ten
are now deceased.

Several Proceedings volumes have been dedicated to past HGS Steering Committee
members who have passed away. The 36™ HGS Proceedings were dedicated to David L.
Royster (1931-1985, Tennessee) at the Clarksville, Indiana Meeting in 1985. In 1991 the
Proceedings of the 42™ HGS meeting held in Albany, New York was dedicated to Burrell
S. Whitlow (1929-1990, Virginia).
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STEERING COMMITTEE OFFICERS

Mr. Bob Henthorne, Chairman
Chief Geologist

Materials and Research Center
2300 Van Buren

Topeka, KS 66611-1195

PH: 785-291-3860

FAX: 785-296-2526

Email: roberth@ksdot.org

Mr. G. Michael Hager, Vice-Chairman 2004
Wyoming Department of Transportation

P.O. Box 1708

Cheyenne, WY 82009-1708

PH: 307-777-4205

Email: Mike.Hager(@dot.state.wy.us

Mr. Richard Cross, Secretary 2003
Golder Associates

RD 1 Box 183A

Solansville, NY 12160

PH: 518-471-4277

Email: dickcross@juno.com

Mr. Russel Glass, Treasurer

Email: frgeol@aol.com
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NATIONAL STEERING COMMITTEE 2002
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NAME/ADDRESS

Ken Ashton

West Virginia Geological Survey
P.O. Box 879

Morgantown, WV 26507-0879

John Baldwin

West Virginia Div. Of Highways
190 Dry Branch Rd.

Charleston, WV 25036

Vernon Bump

South Dakota DOT (Retired)
Geotech. Engr. Activity

700 E. Broadway Ave.
Pierre, SD 575010-2586

Jeff Dean

Oklahoma DOT

200 NE 21% St.

Oklahoma City, OK 73015

John Duffy

California State Dept. of Transportation
50 Higuera Street

San Luis Obispo, CA 93401

Russel Glass

North Carolina DOT (Retired)
Geotechnical Section

100 Wolfe Cove Rd.
Asheville, NC 28804

W.A. Wisner

Martin Marietta Aggregates
P.O. Box 30013

Raleigh, NC 27622

PHONE/FAX/E-MAIL

PH 304-594-2331
FX 304-594-2575
E-MAIL ashton@ geosrv.wvnet.edu

PH 304-558-3084
FX 304-558-0253
E-MAIL jbaldwin @ mail.dot.state. wv.us

PH
FX
E-MAIL vernglobump@aol.com

PH 405-521-2677
FX 405-522-0552
E-MAIL jdean@odot.org

PH 805-549-3663
FX 805-542-4693
E-MAIL John Duffy@dot.ca.gov

PH 828-252-2260
FX 828-299-1273
E-MAIL frgeol@aol.com

PH 919-783-4649
FX 919-783-4552
E-MAIL
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NAME/ADDRESS

Robert Goddard

National Magnetic Field Lab
Florida State University
1800 E. Paul Dirac Dr.
Tallahassee, FL 32306-4005

G. Michae] Hager
Wyoming DOT

5300 Bishop Blvd.
Cheyenne, WY 82009-3340

Robert Thommen

Rotec Enterprises Inc.
P.O. Box 31536

Sante Fe, NM 87594-1536

Richard Humphries

Golder Associates

3730 Chamblee Tucker Rd.
Atlanta, GA 30341

A. David Martin

Maryland State Highway Administration
Office of Materials & Technology

2323 W. Joppa Road

Brooklandville, MD 21022

Henry Mathis, PE
H.C. Nutting Co.

561 Marblerock Wy.
Lexington, KY 40503

Harry Moore
Tennessee DOT

P.O. Box 58
Knoxville, TN 37901

PHONE/FAX/E-MAIL

PH 850-644-4304
FX 850-644-0687
E-MAIL goddard @magnet.fus.edu

PH 307-777-4205
FX 307-777-3994
E-MAIL mike.hager @dot.state.wy.us

PH 505-820-2264
FX 505-984-8868
E-MAIL thommen@swcp.com

PH 770-496-1893
FX 770-934-9476
E-MAIL rhumphries @ Golder.com

PH 410-321-3107
FX 410-321-3099
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PH 859-296-5664
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E-MAIL hmathis@iglou.com

PH 865-594-9436
FX 865-594-9310
E-MAIL hmoore @mail.state.tn.us
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Nick Priznar

Arizona DOT

1221 N. 21* Ave.
Phoenix, AZ 85009-3740

Christopher A. Ruppen
Michael Baker Jr. Inc.
4301 Dutch Ridge Rd.
Beaver, PA 15009-9600

Stephen Senior

Ministry of Transportation

Rm 220, Central Bldg.

1201 Wilson Ave.

Downsview, ON M3M 1J6, Canada

Willard L. Sitz

Alabama DOT

1409 Coliseum Blvd.
Montgomery, AL 36110-2060

Jim Stroud

Vulcan Materials Co.

4401 N. Patterson Ave.
P.O. Box 4239
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John Szturo

HNTB Corporation
1201 Walnut, Suite 700
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Michael P. Vierling
New York State Thruway Authority
200 Southern Blvd.
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PHONE/FAX/E-MAIL

PH 602-712-8089
FX 602-712-8138
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PH 724-495-4079
FX 724-495-4017
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PH 416-235-3743
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PH 336-767-4600
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PH 816-527-2275
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PH 518-457-4727
FX 518-457-8080

E-MAIL mvierling @gy.dot.state.ny.us
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Purdue University
West Lafayette, IN 47907-1297

XVIII

PHONE/FAX/E-MAIL

PH 360-253-3438
FX 360-254-2522
E-MAIL erik.rorem@us.geobrugg.com

PH 540-831-5652
FX 540-831-5732
E-MAIL cwatts @runet.edu

PH 765-494-3296
FX 765-496-1210
E-MAIL trwest@cas.purdue.edu




Highway Geology Symposium

Future Symposia Schedule and Contact List

Year State HGS Host Telephone | Email
Contact | Coordinator | Number
2003 Vermont Ingram Tom 802-549- | Tom.eliassen
Sweeney Eliassen 3663 @state.vi.us
2004 Missouri Rob Alan Miller | 316-431- | Roberth@dt
Henthorne 1000 Ext. 14'Wlfs°'lfstate‘
47 '
2005 North Russell 828-298- | Rglass@dot.
Carolina Glass 3874 state.nc.us
2006 Colorado Johnathan
Wright
2007 | Pennsylvania Chris 724-495-
Ruppen 4079
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AGENDA

TUESDAY, AUGUST 13

11:00 AM - 5:00 PM
TRB and HGS 53 Registration

TRB Special Session: Design and
Construction in Melange
Chairman, Dr Edmund Medley
Location: San Luis Obispo Room

12:00 - 1:30 PM
John Wakabayashi — Geology of
Melanges

Gunter Riedmiiller — Geologic
mapping in melanges

1:30 — 1:45 PM (Break)

1:45-3:15 PM

XX

k North
The
________ Los Osos
Room
South
ey
North

San Luis Obispo

] Center
Room

Edmund Medley — Engineering
Geology of melanges

Norm Norrish - Landslide repair in
melange

3:15-3:30 PM (Break)

3:30-5:00 PM
Dave Meza — Construction claims
in melange

Edmund Medley — Questions and
Discussion

5:00 PM - 6:00 PM
Ice Breaker Social
Location: Los Osos Room



Wednesday, August 14

53" HIGHWAY GEOLOGY
SYMPOSIUM

7:00 AM - 5:00 PM
HGS 53 Registration

7:30 AM - 8:30 AM

Welcoming Remarks

Moderator: John Duffy

Location: San Luis Obispo Room

Robert Buckley, Division Chief, Engineering
Services, California Department of Transportation

Joan Van Velsor, Deputy Division Chief,
Geotechnical Services, California Department of
Transportation

Gregg Albright, District Director, District
05, San Luis Obispo, California
Department of Transportation

Jim Davis, State Geologist, California
Geological Survey

8:30 AM - 9:30 AM

Technical Session I: Rockfall
Moderator: Roy Bibbens
Location: San Luis Obispo Room

Andrew R., Arndt B., and Patterson
K. Georgetown Incline Rockfall Study.
(pages 1-12)

Carter T., de Graaf P., Barrett S.,
Booth P., and Pine R. Innovative
Design for Challenging Highway
Widening Project in Hong Kong.
(pages 13-25)

Grassel H., Bartelt P., Ammann W
and Roth, A. Behavior, Design and
Reliability of Highly Flexible Rockfall
Protection Systems for Highways.
(pages 26-39)

9:30 AM - 9:45 AM  (Break)

9:45 AM -12:00 PM
Technical Session I;: Rockfall Continued

XXI

Moderator: Gustavo Ortega
Location: San Luis Obispo Room

Baumann R. The Worldwide First
Official Approval of Rockfall
Protection Nets Development and
Experiences. (pages 40-51)

Spang R. Certification of Rockfall
Barriers in Europe. (pages 52-62)

Richard, M. Rockfall Barrier Testing
in France

Viktorovitch, M. The European
Technical Approval Guideline

For Rock fall Protection Net Fences -
Outline of the Future Standard

Wood D. and Morris A. Replacement
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Gray Slip and Duck Ponds Landslides
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Georgetown Incline Rockfall Study

Richard Andrew, P.G., Ben Arndt, P.E, Katherine Patterson
Yeh and Associates, Inc.

ABSTRACT

Rockfall is a common hazard along transportation routes in the mountainous terrain in Colorado.
Many accidents, injuries, and fatalities resulting from rockfall events have occurred along I-70
specifically along the Georgetown Incline. In response to the rockfall hazard, Yeh and
Associates completed a study for the Colorado Department of Transportation (CDOT) to
evaluate the area and provide recommendations for mitigation of the rockfall hazard.

Yeh and Associates gathered geological hazard data using existing information and by
conducting field reconnaissance. Outcrops and rockfall chutes were mapped and evaluated for
potential rockfall. Areas requiring mitigation were also identified. These areas were evaluated
using the Colorado Rockfall Hazard Rating System (CRHRS), the Modified Q-system rock mass
rating system, field observations, aerial photos, and geologic maps. The Colorado Rockfall
Simulation Program (CRSP) and Roc Science’s RocFall software were used to evaluate rock fall
behavior and assist in determining an appropriate means of mitigating the rock fall hazard.

Potential areas of hazard were identified and recommendations on mitigation methods were
provided. Georgetown mitigation options included: barriers, rock reinforcement, rockfall
containment, rock removal, fences and attenuators, rock sheds, and tunnels. The mitigation
methods were evaluated based on feasibility, effectiveness, and cost.

INTRODUCTION

The Georgetown Incline consists of a 1.7-mile section along I-70 between Georgetown and
Silver Plume, Colorado. The slopes are very steep with numerous rock cut sections which were
made during construction of I-70. The rock cuts range from 50 to 100 feet in height. Bedrock
outcrops are also present on the steep slopes above the interstate highway. The bedrock outcrops
range in vertical height from 50 to 200 feet and are located on 1H:1V slopes. The total change in
elevation from I-70 to the upper most bedrock outcrops is over 1800 feet. The combination of
rock cuts and rock outcrops has contributed to numerous rockfall events along the Georgetown
Incline.

Geological data was gathered along the 1-70 corridor between the Georgetown Interchange and
the Silver Plume Interchange, which included historical research, field reconnaissance and
mapping, site photography, and aerial photography. Rock cuts, bedrock outcrops, and rockfall
chutes were mapped for potential rockfall sources. The rockfall potential from these areas was
then evaluated using the Colorado Rockfall Hazard Rating System (CRHRS), the Modified Q-
rating system, and risk analysis methods.



The Colorado Rockfall Simulation Program (CRSP) was primarily used to model rockfall and
assist in determining feasible mitigation methods for rockfall hazards. Hazard areas were
identified and various mitigation methods were then evaluated.

GEOLOGIC SETTING

Rockfall generated along the Georgetown Incline originates from three sources: the highway cuts
made through bedrock, the highway cuts made through overburden soils, and the natural bedrock
outcrops. The Idaho Springs Formation and the Silver Plume Granite are the two rock types
exposed along the Incline. The Idaho Springs Formation consists of a biotite-quartz-microcline
and plagioclase gneiss with lesser amounts of lime-silicate gneiss and amphibolites. The rock is
typically light gray to dark gray and fine to medium grained. The Silver Plume Granite consists
of igneous rock that intruded into the Idaho Springs Formation approximately 1440 million years
ago. The Silver Plume is mostly a light gray to pinkish light gray quartz monzonite. The rock is
fine to medium grained, equigranular, and has a homogeneous composition.

The structure of the rock types comprising the Georgetown Incline was influenced by
deformation events during the Precambrian, Laramide Orogeny, and possibly in the Tertiary
Period. The foliation of both units generally strikes N to N 30° E and dips 60° - 90° NW or SE.
Faults in the area mostly strike N 20° - 50° E and dip N 70° - 80° E.

HISTORICAL ROCKFALL ACTIVITY

There is a history of rockfall events, which have led to accidents and fatalities along the
Georgetown Incline. Approximately 100 accidents have occurred in the past 24 years with 17
injuries and 3 fatalities. Based on physical evidence from rock filled ditches along westbound I-
70 and rock covered embankments along eastbound I-70 there is a much greater incidence of
rockfall activity than reported accidents.

Recent rockfall activity at the Georgetown Incline includes two fatalities in 1999 and an accident
in 2001. December 9, 1999 a man from Erie, PA was fatally struck when a rock shattered the
window of the shuttle van in which he was riding. This occurred at mile marker 227.35. On
May 16, 1999 a women was killed after boulders struck her Toyota at mile marker 226.40. It
was reported that some of the boulders were the size of bathtubs. A rockfall event occurred May
6, 2001 causing two accidents from cars impacting rock debris. The 2001 event occurred after
four days of precipitation and snowfall with freezing temperatures. Rockfall from this event was
observed in the ditch of westbound I-70, on the shoulder of eastbound I-70, and a bike path
below the highway embankment. Rockfall debris that impacts eastbound I-70 or the adjacent
bike path, must exhibit high energies and extreme bounce heights.

ROCKFALL FAILURE MECHANISMS

The combination of topography, surficial deposits, bedrock quality, and weathering processes all
contribute to the rockfall events along the Georgetown Incline. The topography has been shaped
by glacial activity, which has oversteepened some sections of the slope area. The overburden
consists of colluvial soils with angular boulders and cobbles consisting of granites and gneiss
that form talus slopes in many areas. The bedrock generally exhibits 2 to 3 discontinuity



orientations, which contribute to rockfall sources. Additionally, the slopes face southeast so
weathering and daily freeze/thaw cycles contribute greatly to the rockfall events.

The interstate was constructed by cutting into colluvial slopes and bedrock. This has led to
rockfall from vertical rock cuts and oversteepened colluvial slopes. Many of the colluvial slopes
were excavated down to bedrock, however the exposed bedrock will occasionally contribute to
the rockfall event. The oversteepened colluvial slopes will also contribute cobbles and/or
boulders that will create separate rockfall events.

Bedrock along the road cut section of the Incline is highly fractured with many joint surfaces that
exhibit slickensides. The Idaho Springs Formation exhibits a well-defined foliation and most of
the jointing either runs parallel or perpendicular to the foliation. The orientation, continuity,
infilling, aperture, spacing, and roughness of discontinuities affect the shear strength and stability
of the rock mass. The orientation of discontinuities in the rock mass, relative to the face of the
slope, directly affects slope stability and the type of failure that occurs. Discontinuities along the
Incline dip unfavorably towards the highway which, contributes to the instability of the rock
mass.

Climactic conditions such as temperature variations, rain, snow, and freeze-thaw all contribute to
rockfall activity. The south facing slopes of the Georgetown Incline are exposed to extreme
temperature fluctuations enhancing surficial erosion, increasing freeze-thaw action, and
contributing to the structural breakdown of the rock mass through expansion and contraction of
the rock face. In conjunction with snowmelt, freeze-thaw cycles appear to be the primary
triggering mechanism of rockfall, as shown in Figure 1. The highest accident rate occurs in
March and April when the snowfall is the highest and when the temperature drops below and
rises above freezing on a frequent basis.

EVALUATION METHODS

The Colorado Rockfall Hazard Rating System (CRHRS), modified Q-rating system, and risk
analysis were all used to evaluate the conditions at the Georgetown Incline.

Colorado Rockfall Hazard Rating System (CRHRS)

To evaluate the rockfall hazard for the rock cuts along I-70 it was necessary to use the Colorado
Rockfall Hazard Rating System (CRHRS). CRHRS was developed in 1994 by the Colorado
Department of Transportation (CDOT) as a rating system for identifying, evaluating, and
prioritizing sites in Colorado that produce rockfall. The methodology is based on the rating
system developed by the Oregon Department of Transportation (ODOT) with some
modifications. The CRHRS includes two phases. Phase I identifies and ranks segments of
highways that have chronic problems with rockfall. Road segments with continual rockfall
activity are identified by occurrence of vehicle accidents caused by rockfall, or identification by
highway maintenance personnel as rockfall-prone areas. The information gathered from Phase I
is used to determine locations where more detailed evaluation is needed. The sites are ranked
from 0 to 4 with 4 being the worst or most active. Due to the numerous rockfall sites identified
throughout Colorado only segments ranking 3 or higher were evaluated under Phase II.

[95)
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Figure 1. Reported Accidents and Climate Data

Phase II of the CRHRS hazard rating system further delineates, describes, and scores individual
rockfall source areas or sites. Geologic and physical site data is collected. The evaluation and
scoring criteria are used to define segments with similar geologic, slope, and rockfall criteria
within stretches of highways. The rating scheme is divided into 15 categories, which represent
significant elements contributing to rockfall. Points are assigned to each category with 81
indicating the greatest hazard. The sum of all the points from each category equals the overall
rating for the segment of highway. The sites are then classified as follows:

Class Rating
A | 550 or higher
B 450-550
C 350-450
D 250-350
E Below 250

Classes A and B are considered for mitigation first. Both cost and complexity of the problem are
evaluated in determining which sites are practical to mitigate.

The original ratings were conducted in 1992 and updated 1998, to include additional factors that
may contribute to a rockfall accident. Segments of the Georgetown Incline included 6 of the top
10 sites in the region and in the top twenty sites in the state for rockfall hazard. A summary of
the ratings for the Georgetown Incline were as follows:



Table 1. Colorado Hazard Ratings for 1-70 at the Georgetown Incline

. 1992 1998
Segment ID | Mile Markers CRIR GT Ranking | CRIR GT Ranking
1 226.0-226.05 435 9 534 8
2 226.05-226.29 633 1 648 1
3 226.29-226.49 615 2 594 4
4 226.49-226.57 399 10 522 9
5 226.57-226.58 222 15 405 15
6 226.58-226.70 399 11 471 13
7 226.70-226.83 549 3 570 6
8 226.84-226.94 375 12 489 11
la 227.13-227.22 339 14 456 14
2a 227.22-227.29 531 6 552 7
3a 227.29-227.31 501 8 588 5
4a 227.31-227.36 531 5 621 2
5a 227.36-227.40 375 13 486 12
6a 227.40-227.43 501 7 612 3
7a 227.43-227.72 549 4 498 10

Modified Q Rating System

To rate the rock mass quality and evaluate the rockfall hazard of the bedrock outcrops above 1-70
it was necessary to use the modified Q rating system. The original Q Rating System was
developed for tunneling support design and cost estimation in mining. The system was modified
for describing rock quality on slopes by Harp & Noble, 1993. Since it was not feasible to
directly access the slopes above I-70, it was necessary to use this method for evaluating the
quality of the bedrock outcrops from a distance or with site and aerial photographs. The outcrops
were grouped and mapped according to location, as shown on Figures 2 and 3. Six factors were
used to calculate Q are rock quality designation (RQD), joint set number (Jn), joint roughness
number (Jr), joint alteration number (Ja), joint water reduction (Jw), and aperture factor (AF).
Aperture factor replaces the Stress Reduction Factor (SRF) in the original Q rating system. Each
factor has an associated rating for varying conditions. Based on these factors the value for Q is

calculated as follows:
Ll
Ja AF

The first quotient in the equation represents the structure of the rock mass and is a measure of
block or particle size. The second quotient expresses the shear strength of the block mass and
represents the roughness and frictional characteristics of the joint walls or filling materials. The
third quotient is a measure of the active stress conditions in a rock mass. The lower the value of
Q, the more unstable the outcrop.
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Table 2 provides the results of the modified Q rating system for outcrops at the Georgetown
Incline. The ratings were primarily done from field observation and photographs. There are
many outcrops with ratings less than 1. Rockfall chutes were also evaluated to determine the
chutes with the lowest Q rated bedrock outcrops. Many outcrops received low ratings, but did
not appear to have direct pathways or chutes to the interstate highway. Generally the outcrops
with low Q ratings and direct pathways to the interstate correlated with areas of increased
reported accidents. Table 2 illustrates the outcrops with low ratings and a higher number of
accidents.

The rock cuts had many of the same characteristics as the bedrock outcrops, however rockfall
from the cuts generally falls into the ditch next to westbound I-70. In general many areas that
received high CRHR ratings also received low Q-ratings indicating greater rockfall hazards.

ANALYSIS METHODS

There are numerous methods for analyzing rockfall energies and trajectories. Analyses can
include field-testing, mathematical analysis, and empirical analysis. For this project, computer
modeling was used as a tool to evaluate the rockfall and determine the appropriate mitigative
measures. The Colorado Rockfall Simulation Program (CRSP) and Rocfall by Roc Science were
used to model the rockfall events at the Georgetown Incline and are discussed in detail below.

CRSP

The Colorado Rockfall Simulation Program (CRSP) was developed to provide a reasonable
model of falling rock from a given a set of slope input parameters. The input parameters for
CRSP allow simulation of the rockfall pathway by inputting parameters for the surface
roughness, the slope profile, the tangential coefficient of frictional resistance, the normal
coefficient of restitution (which approximates the rigidity of the slope surfaces), and the shape
and diameter of the falling rock. Field observation and studies of actual rockfall were used to
calibrate CRSP on other projects.

The major chutes at Georgetown were analyzed in CRSP. The profiles were determined from
topography maps, observation, and laser sighted distances. Analysis points were generally
located 20 feet above the crest of the rock cuts. 3-foot diameter rocks were used in the model.
The 3 fit rock size was based on rocks that had been observed in chutes 4 and 6. A 20-foot
distance above the slope break was used for comparison and was considered the most feasible
location for a rockfall fence. A fence located closer to the rockfall source is usually preferable,
but was determined infeasible to maintain or construct. Based on the CRSP analysis Chutes 6, 4,
3, and 9 showed the highest potential energies and bounce heights for rockfall events. Analysis
indicated that rockfall was able to reach the highway in the chutes that were modeled.



Table 2. Modified Q ratings and accidents for Georgetown Incline.

1 226.0-226.06 A3,A4 0.44 0.56 1.78 0.93 1
2 226.17-226.29 A1,A2 4.00 1.56 1.33 3.00 2.00 2.38 14
3 226.36-226.39 A1,A2,83,B7,B8 4.00 1.56 1.33 3.00 2.00 1.00 1.1 350 1173| 214 9
4 226.46-226.57 B1,B2,B3,B4 0.52 0.69 0.69 0.64 1.00 1.1 0.92 233 11881 1.09 9
5 227.16-227.22 E1,E2,E3,E4,E5E8 2.22 1.11 0.56 0.56 1.67 5.00 1.85 4
6 227.37-227 .44 E6,E7,EQF1,F4 4.00 1.35 2.50 0.50 0.27 0.50 0.59 1.39 11
8 226.6-226.64 B4,B6,C7 0.92 2.33 1.88 2.31 2.00 0.98 0.93 1.62 1
9 227.25-227.32 E1,E2,E3,ESEB 2.22 1.11 0.56 1.67 4.00 1.91 4
10 226.42-226.44 B3,B7,B8 1.00 1.11 3.50 1.73 1.84 0

Notes:Chute 8 is already meshed. Chute 4 fenced and meshed Nov. 2000. Chute 6 fenced and meshed Jan. 2001.
Accidents reported from 1976-1999

A1.A2 226.12-226.36 1.56 1.33 2.00 3.00 1.97 18
A3 226.06-226.19 0.44 0.56 0.50 8

A4 226.0-226.05 1.78 0.98 1.38 1
B1,B2,B3,B7,88 226.36-226.57 1.00 1.11 1.73 0.52 0.69 0.64 0.95 16
B4,B5 226.5-226.6 0.92 2.33 1.88 2.73 1.96 10

B6 226.64-226.67 2.31 2.00 2.15 0

C's 226.58-226.83 1.48 1.67 1.67 1.85 1.28 0.46 0.77 1.09 6

1.39 0.98 0.93 1.00 0.93 0.44 0.42

D's 226.83-226.92 0.33 1.00 1.00 0.78 1
E1,E8 226.92-227.16 222 5.00 3.61 4
E2,E3,E4.ES 227.22-227.25 1.11 0.56 1.67 0.56 0.97 0
E6,E7,F4 227.32-227.37 1.35 0.59 0.97 1
E9 227.37-227.44 2.50 2.50 10
F1,F2 227.44-227.63 0.50 0.27 0.50 0.83 1.00 0.62 13

Note: outcrops that do not have a path to highway are not included




Rocfall

Rocfall by Rocscience is a similar program to CRSP, which is designed to assist with a risk
assessment of slopes prone to rockfall. The program will generate energy, velocity, and bounce
height envelopes for a given slope. Input into the Rocfall program is similar to CRSP since slope
parameters, slope cell properties, number of rocks to roll, and initial coordinate points for rolling
rocks can be specified. Rocfall differs from the CRSP program in that no input is provided for
surface roughness of the cells, diameter of rocks to be rolled, or density of the rocks. Slope
roughness in the Rocfall program is assessed by specifying a standard deviation for each of the
slope segments. Rocfall then uses a normal distribution to randomly generate a maximum or
minimum slope angle.

At this time, it is not possible to directly compare the CRSP and Rocfall programs since it is our
understanding there is no exact way to convert the surface roughness coefficient from CRSP
(version 4) into a standard deviation of the surface roughness coefficient required for input in
Rocfall (v 4.02). Future versions of Rocfall will likely allow for a surface roughness input.
Table 3 shows the results of comparison of CRSP with Rocfall with the understanding an
equivalent surface roughness was approximated for the Rocfall input.

Table 3. CRSP and Rocfall Results

Kinetic Energy (ft-lb)| Velocity (ft/sec) |Kinetic Energy (ft-lb)| Velocity (ft/sec)
Chute max ave max | ave max ave max ave
CRSP Rocfall
4a 380,257 | 221,211 88.56 66.56 | 169,066 | 89,926 63.67 47.46
4b 469,595 | 320,254 99.63 80.35 | 377,183 | 132,473 91.28 55.3

6a 524,823 | 334,689 | 107.36 82.83 | 191,869 | 106,802 | 65.508 49.21
6b 515,310 | 383,139 | 107.45 88.96 | 261,157 | 190,532 83.06 70.5

9a 518,403 | 278,109 | 108.55 | 76.12 | 386,342 | 283,862 92.25 77.25

ROCKFALL MITIGATION

To solve a rockfall problem several issues need to be considered such as, physical data about the
site, the acceptable level of risk, the costs to solve the problem, the level of maintenance
required, constructabilty and environmental impacts. The choice of mitigation depends on the
site conditions and constraints to construction. Mitigation measures are often divided into three
categories: stabilization, protection, and avoidance. Stabilization keeps rocks in place and can be
effective where rockfall sources are easily accessible. Stabilization methods are usually
considered first since they often result in minimal maintenance and provide long term solutions.
Protection methods are typically designed to prevent rocks from reaching roads or structures.
These methods usually include fences that can absorb energy from a rockfall event. Avoidance
and relocation allow for a complete solution but are typically the most expensive options.

The Georgetown Incline is a large site with numerous outcrops and chutes that contribute to
many potential modes of rockfall. Using the CRHRS rating system, the Q rating system, and
computer simulation of the rockfall events, it was possible to determine the critical areas that
should be prioritized for mitigation.

10



The preliminary results of this study determined Chutes 4 and 6 have relatively greater potential
for rockfall than other areas. Based on the results of the study and the issues briefly discussed
above, it was decided that rockfall protection fences were to be used for mitigation. Rockfall
protection fence systems were installed at Chute 4 and Chute 6 (see Figures 2 and 3). These
chutes also corresponded to areas where two previous fatal accidents had occurred. The rockfall
fences were constructed during the fall and winter of 2000 and 2001 respectively.

The rockfall protection at Chute 4 consisted of an 80 foot-ton cable net fence with draped cable
net below. The rockfall protection at Chute 6 consisted of a 180 foot-ton ring net fence with
draped cable net below. Figure 4 illustrates a typical profile of the fence system. Notice a 3-foot
gap was left below the bottom cable support to allow for rocks and rock debris to migrate under
the fence panels while still restraining the material with the draped cable net. The fences were
installed close to the slope breaks to aid in self-cleaning of the fence.

FENCE CDLUMN———\

TOP CABLE SUPPORT —_—

UPHILL ANCHOR CABLE RAPED WIRE MESH

ENERGY DISSIPATION 0 FT-TON FENCE
DEVICE

PANEL HEIGHT 80"

-BOTTOM CABLE SUPPORT

30

N
CABLE DR X
ROCK ANCHOR ROCK _ANCHORS AN
R
&

CONCRETE LEVELING PAD
(AS REQUIRED).

DRAPED
CABLE NET

2
N
.
Y

Figure 4. Typical profile of Rockfall Protection Fence
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As of July 2002, both of the fences had been impacted by 2 to 3-foot diameter boulders and had
experienced little or no damage as a result of the impacts. Figure 5 shows the rockfall fence at

Chute 6.

Figure 5. Rockfall Protection Fence at Chute 6

Summary

Many different methods of evaluating, analyzing and prioritizing rockfall were applied to the
Georgetown Incline. An array of methods was used to establish effective locations for rockfall
mitigation. Although many different evaluation methods were used, rockfall locations and
behavior cannot be completely predicted. Trends based on structural discontinuities, slope
aspect and climate have indicated were rockfall activity may be more likely to occur, however a
rockfall event can occur at a multitude of locations along this alignment at any time. The study
was conducted to identify the areas of greatest potential hazard and provide recommendations on

mitigation.
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INNOVATIVE DESIGN FOR A CHALLENGING HIGHWAY
WIDENING PROJECT IN HONG KONG

Trevor Carter', Phil De Graf 1, Peter Boothz, Stephen Barrett® and Robert Pine*

Abstract: Construction of a novel retaining wall and implementation, for the first time in
Hong Kong, of high energy rock fall protection fences contributed to the successful
completion of one of the most difficult highway realignment and widening programs ever
undertaken in the Territory.

The Tuen Mun Highway is one of the major arterial roads linking Hong Kong to China
and provides a busy commuter link between the New Territories settlements and Hong
Kong Island. This highway has seen some of the region’s worst traffic congestion, and in
order to alleviate it, a highway realignment and widening program was selected as the
most appropriate solution for increasing capacity. Initial works on the widening were
initiated in 1994. However, in August 1995, a rock fall occurred resulting in the loss of
life of a driver using the highway. Following this incident, the Contractor claimed the
contracted design for the Tai Lam Section was inconstructable and a subsequent
mediation of the claim found in favour of the Contractor.

This paper concentrates on certain aspects of the geotechnical design solutions developed
to achieve constructability of this challenging highway widening. Some discussion is
also presented of the design phase site investigation work, and of the key geotechnical
issues that arose during construction.

1.0 INTRODUCTION realignment and widening program was

selected as the most appropriate solution
1.1  Background ’ for increasing capacity. In the late

1980°’s the need to provide climbing
The Tuen Mun Highway, initially lanes and hard shoulders through the
constructed between 1974 and 1983, was uphill sections was established as a key
Hong Kong’s first high capacity component of any traffic alleviation
highway, and still remains one of the scheme. Initial construction contracts to
busiest commuter links between the achieve widening of the Kowloon bound
burgeoning New Territories settlements, highway, were tendered in 1992. The
the neighbouring Chinese Guangdong Highways Department awarded the
Province and Hong Kong Island. This works under a Design and Build
highway has seen some of the regions’ Contract, with initial construction
worst ever traffic congestion. In order to activities starting in 1994. However, in
alleviate this congestion, a highway August 1995, a rock fall occurred

! Golder Associates Ltd., 2180 Meadowvale Blvd, Mississauga, Ontario, L5SN 553, Canada,
Tel: (905)567-4444
Golder Associates Ltd., 611 Coronation Drive, Toowong, Brisbane, 4066, Australia,
Tel: +[61] (7) 3217-6444
3 Golder Associates Ltd., 500 - 4260 Still Creek Drive, Burnaby, BC, V5C 6C6, Canada,
Tel: (604)296-4200
4 Camborne School of Mines, Redruth, Cornwall, TR15 3SE, United Kingdom,
Tel: +[44] (01209) -714866
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resulting in a motorist fatality.
Following this incident the Contractor
claimed the works for the Tai Lam
Section were impossible to execute in
accordance with the contract, and a
subsequent mediation of the claim found
in favour of the Contractor.  The
Coroner, in evaluating the cause of the
accident, specifically advised that prior
to beginning any further excavation
work on potentially unstable slopes
(including those at Tai Lam), the areas
be thoroughly mapped and analysed, and
that if any negligence in execution of
these tasks leading to further incidents
were proven, the designers could be held
criminally responsible.

1.2 The Project

In view of the fatality that occurred in
1995 and the difficulties that had already
occurred in developing a workable
solution, Highways Department retained
Maunsell Consultants Asia Ltd. as the
main consultant for the remaining works,
who in turn sub-contracted Golder
Associates Ltd. (Golder) as the specialist
geotechnical consultant.  Golder was
engaged to (i) examine the stability of
the existing and proposed rock cuts
adjacent to the highway and (ii) to
develop workable rock-engineering
solutions for the difficult task of safely
widening the highway. The rock
engineering design was complicated by:

¢ the height of the rock cuts;
e the presence of unfavourably

oriented “sheeting” joints in the

weathered granite;

e the lack of rock fall catchment at the
toe of the slopes; and by

e the occurrence of a major weak fault
zone that crossed one of the slopes in
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a sector where high cut-backs were
the only viable measure for
maintaining the alignment.

In addition, the design had to maintain
dual, 3-lane traffic flows, of typically
9,000 vehicles per hour throughout the
entire investigation and construction

periods, with only occasional lane
reductions and off-peak  closures
permitted.  Figure 1 shows the site

location and the extents of the four
works sections (TL/S1 to TL/S4).

1.3  Geological Backround

The rock along the Tai Lam Section of
the Tuen Mun Highway is part of the
Lantau Granite, which is locally heavily
jointed with sheeting joints and fracture
zones exhibiting deep penetrative
weathering. This has resulted in onion
skin slabbing and a large number of
corestones and boulders on the natural
slopes above the cuts.

The full range of weathering grades is
evident on site. Exposed cut slopes
consist mainly of moderately to slightly
decomposed granite (Grade I/I) with
some areas comprising highly to
completely decomposed granite (H/CDG
- Grade IV/V). In addition to the low
angle (25° to 40°) south-west dipping
sheeting joints, the rock mass is typically
dissected by three other major joint sets.
These include a north-west steeply
dipping set, a moderately to steeply
northward dipping set, and a third set
which dips steeply to the north-east. As
the highway trends approximately East-
West, but curves slightly as shown on
Figure 1, predominant instabilities are
dominated by the outward dipping
sheeting joints, with release surfaces
created by the other three sets.



Figure 1: Site Location Map and Boundaries of the Tai Lam Sections (TL/S1 to TL/S4)

2.0 FEASIBILITY ASSESSMENT

2.1 Key Issues

Based on evaluations undertaken during
the immediate post-Mediation
investigations, key slope issues and
required new or remedial construction
measures were identified for the various
rock cuts along the four work sections.
These are presented in Table 1.

2.2  Design Challenges

As is evident from the above tabulation,
two recurring rock mechanics themes
were of most importance to achieving
the design objectives of successfully
widening the east-bound lanes by adding
an extra climbing lane: (i) addressing the
excavatability of the two slope segments
where new cuts were required, and (ii)
optimising reinforcement and
stabilization strategies for the existing
cuts and natural slopes that were to
remain unaltered.

Addressing these key issues required
developing a detailed understanding of
the  inter-relationships  of  major
discontinuity trends with slopes and
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compiling data on the shear strength
characteristics of the discontinuities
controlling stability; both major issues
that were deemed in the Coroner’s
hearings and during the Mediation as
being significant limitations to previous
construction contracts.

3.0 INVESTIGATION
STRATEGIES FOR RISK
MINIMIZATION

Acquisition of the data needed for

undertaking the required stability

analyses and completing the risk
assessments to  categorise  hazard

priorities and define appropriate risk-
based safety factors for design,
necessitated implementation of a very
detailed site investigation (SI) program.
As outlined in more detail in Carter et
al., (1998), key objectives of the
investigations were:

1. Assessing the continuity and shear
strength of sheeting and other joints,
as a basis for design of rock
reinforcement and rock slope
excavation approaches;



Table 1: Key Slope Issues and Required Works for the Tail Lam Section, Tuen Mun Road

Tai Lam Section Key Slope Issues Required Works
High, partially unstable rock slope Undertake extensive excavation to
prone to rock falls. maintain optimum alignment.
10 m wide clay-infilled shear/fault Cut back the toe of the 50 m high
zone. existing rock cut by about 14 m.
TL/S1 Likely stability complications due to | Create tied-back retaining wall to
high pore water pressures. restrain degraded material within core of
Boulder zones and segments of shear/fault zone.
potentially unstable natural slopes Carry out boulder stabilization and
above the cut slopes. install rock fall protection/barriers.
High, unstable rock slopes prone to Excavate only a minimal segment at the
rock falls/slides on sheeting joints. west end of the TL/S2 cut to achieve
Boulder zones and segments of required alignment.
potentially unstable natural slopes Realign highway into central median to
above the cut slopes. create required space for climbing lane.
Undercut sheeting joint blocks and Carry out substantial rock face
TL/S2 & TL/S3 zones of buttressed sheeting joints stabilisation of existing cut slopes to
with inadequate drainage provisions. | reinforce sheeting joint structural
instabilities (incorporating dowels,
buttresses, drape mesh and drainage
holes, as necessary).
Carry out boulder stabilization and
install high energy rock fall
protection/barriers.
Existing cut slope comprised of Excavate new cut-back into existing
completely decomposed granite shotcreted and supported CDG slope and
(CDG) with core stones with spines remove and/or cut core stones
of rock. appropriately.
TL/S4 oo
Boulder zones and segments of Install array of soil nails for slope
potentially unstable natural slopes stabilization.
above the cut slopes. Carry out boulder stabilization and as
required rock fall protection
2. Determining the transient response assessing the size and distribution of

4.

of the groundwater system
(particularly in the vicinity of the
sheeting joints) to heavy, short-
duration rainfall events, to allow
definition of adequate drainage and
pore-pressure  assumptions  in
design;

Defining the blocks which were
kinematic free to fall from the face;

Defining the statistical variability,
size and roughness conditions of
kinematically free blocks, as well as
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boulders in the boulder fields above
the cut slopes;

Defining the detailed topographic
profiles of the slopes and cuts and
determining appropriate coefficients
of restitution as a pre-cursor for
realistic rock fall trajectory
modelling, and

Assessing the depth, characteristics
and configuration of the CDG
zones, core stones in the upper
weathered zones and fault zones.




4.0 DESIGN CONSIDERATIONS

Based on the information collected from
the site investigations and field
assessments, four different design
solutions were formulated to deal with
the different field  conditions
encountered in various parts of the Tai
Lam slopes: (i) temporary tensioned
anchors to pre-support the proposed
cuts and extensive permanent rock
doweling to stabilise the final faces; (i1)
a novel tied-back retaining wall to
stabilise the 10 m wide weak fault zone
that transected the centre of the TL/S1
slope segment; (iii) high capacity rock
fall control fences and draped mesh to
deal with potential rock fall hazards;
and (iv) hybrid soil nail and rock dowel
support to reinforce the CDG slope
sections with interspersed large core
stones and rock spines.

Although there are many individual
areas of the overall project, where
specific design and construction
measures are noteworthy, the remainder
of this paper will concentrate largely on
the major works undertaken in the
vicinity of the TL/S1 cut at the west end
of the project alignment and the rock
fall mitigation measures implemented
on the natural slopes.

50 TL/S1-ROCKCUT

EXCAVATION AND
SUPPORT
Three  significant  rock-engineering

issues required solution for the TL/S1
section:

1. the permanent stabilization of a
major fault zone exposure, of
approximately 15 m width and some
23 m height, with a true thickness of
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about 10 m with a dip of 78° to the
north;

2. reinforcement of marginally stable
sheeting joints and tetrahedral and
wedge shaped blocks formed by
intersection of prominent sheeting
and cross-joints; and

3. control of groundwater pressure
heads, as data from the existing cut
indicated these were unacceptably
high under typhoon conditions.

The new rock cuts required at TL/S1
included removal of the previously
existing rock knob on the south side of
the highway and pushing back the north
side of the cut into the ridge (Figure 2).
This resulted in increasing the north cut
height from 50 m to 60 m. Because of
the requirement to keep the highway
open at all times, all rock excavation
had to be completed mechanically.

Design of the rock cut geometry for the
new set-back required at TL/S1 was
conventional, with the exception that
wedge and block size geometries of
controlling rock blocks were determined
by a combination of field mapping and
photogrammetric  analysis methods.
This data set was then used as a basis
for discrete deterministic block size
evaluation using the
FRACMAN/ROCKBLOCK computer
code (Dershowitz and Carvalho, 1996).
Stability assessment of the 3D blocks
was undertaken both in 3D using the in-
house program GOLDPIT and in 2D
using conventional limit equilibrium
plane and wedge failure analysis
methods (Hoek and Bray, 1981). Prior
to and during these design analyses it
became apparent that the key
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Figure 2: Typical Cross-Sections Through
South and North Side of TL/S1 Showing Designed Cuts

uncertainty relating to the excavation and
support design was ensuring an adequate
understanding of the continuity and shear
strength characteristics of the controlling
sheeting joints. Although a wide range of
different joint characteristics could be
recognized in the field, in order to simplify
design analysis yet realistically ascribe
appropriate design strength parameters for
the weathered controlling sheeting joints,
three basic joint models were defined.
These were then characterised by use of
two principal constitutive failure criteria,
as summarised in Table 2.

The other major uncertainty affecting the
rock support design, was groundwater
pressure. Of most critical concern was
attempting to define maximum credible
design heads and pressure response and
decay behaviour of porewater in the
sheeting joints under typhoon style,
extremely heavy, short duration rainfall
events.

In order to gather this key information, the
site  investigation  boreholes  were
instrumented  with  vibrating  wire
piezometer arrays and connected to a
series of dataloggers. Figure 3, shows two
quite different responses recorded by the
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VW piezometers as a result of the
280 mm single day Typhoon event of
June 9™ 1998. As is evident, the tip in
borehole PH1A in a relatively freely
draining sheeting joint shows an
almost 3.5 m jump in pressure head,
with about a 5 day decay period,
similar to the responses recorded by
Richards and Cowland (1986). The tip
in borehole PH7, however shows a
steady increase in pressure head with
no short term decay behaviour. This
head increased to a sustained plateau,
which was believed to be controlled by
overflow from one groundwater
regime to another.

These plots highlight the marked
difference in groundwater behaviour
from one place to another within a
fractured rock mass and emphasise the
need for careful examination of such
issues in any site investigation in
complex rock conditions such as
characterise not only the Tai Lam area
but also many other parts of Hong
Kong. In the TL/S1, 2 and 3 slope
continuous sheeting joints created
potentially unstable conditions over
substantial areas. For the extreme
condition design case, in addition to



Table 2: Sheeting and cross joint characteristics and strength criteria.
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drains were specified to mitigate any
potential groundwater pressure build-

up.

Monitoring of the piezometers was
automated and an effective warning
system was developed through
understanding of the influence of
transient pore pressure responses on
slope instability. Rainfall events, and
subsequent transient increases in
porewater pressures were quantified in
terms of increased risk of failure, and
an  emergency  response  plan
implemented.

Support for the rock mass in the TL/S1
rock cut sections was designed for both
short term (temporary) and long term
(permanent) conditions.  Short term
support was required to pre-support the
large potentially unstable blocks,



which could be exposed as excavation
proceeded. It consisted of raked, tensioned
cable anchors spaced on a square pattern to
achieve an operational safety factor of 1.2
consistent with Hong Kong practice (GEO,
1984). Long term support consisted of
passive dowels to anchor specific
definable blocks to design factors of safety
of 1.6 to 1.8. These risk-based factors of
safety are higher than the standard values
recommended by the Geotechnical
Engineering Office (GEO, 1984), Tables
5.1 and 5.4, because of the large number of
potential blocks and high consequence of
failure.

Two types of permanent dowel were
specified; dowels installed within 20° of
normal to a sheeting joint which were
assumed to act in pure shear, and dowels
installed at more than 20° from normal to
a sheeting joint which were inferred to act
in combined tension and shear. Ultimate
and working load capacities for design of
individual dowels was based on the
improved recommendations for dowel
capacity and shear deformation provided
by Spang and Egger (1990), rather than the
Bjurstrom (1974) approach previously
adopted in Hong Kong.

6.0 TL/S1 RETAINING WALL

The retaining wall to stabilise the major
fault at TL/S1 represented one of the most
significant geotechnical and construction
challenges of the project. The wall
structure, as finally designed comprised a
1-2m thick vertical reinforced concrete
retaining wall of up to 23 m height, tied to
bored piles anchored back to the
competent rock mass behind the fault
zone. The anchors consisted of double
corrosion protected, 36 mm diameter
tiebacks, bonded 3 m into the hangingwall
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of the fault/shear zone. The design of
the wall was carried out to ultimate
limit state (ULS) criteria, with earth
pressures being estimated using the
Trial Wedge Method.

As illustrated in Figure 4, the fault
zone strikes obliquely across the
highway at TL/S1. Rock, soil and
groundwater conditions associated
with this fault zone were known from
the 1976 original construction to be
adverse (Slinn and Grieg, 1979), to the
extent that a major failure of this entire
zone had occurred when the initial box
cut excavation had only been part
completed.  Consequently,  multi-
staged, top-down excavation and cast-
in-place retaining wall construction
sequences were specified.

Ensuring adequate temporary pre-
support in advance of excavation and
retaining wall construction was key,
due to the low strength and significant
thickness of the fault zone. As shown
on Figure 4, the temporary support was
achieved using the bored pile wall
covering virtually the entire interpreted
exposure area of the fault zone. Piles
were bored from wall crest elevation to
4 m below the excavation toe. Pile
diameter was restricted to 457 mm due
to rig size limitations, related to the
extremely difficult access to the
drilling location 30m up on the
existing cut slope. Most of the drilling
went smoothly, however some of the
challenges that had to be overcome in
the pile drilling included (i) cutting
down in a couple of cases through the
steel bar tie-back anchors restraining
the existing toe buttress, and (ii)
dealing with collapsing pile holes due
to the introduction of drilling fluids
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into the already low strength fault zone
CDG material. These challenges were
overcome through persistence and
flexibility in the construction process,
although often substantial delays were
endured.

As shown in the photographs in Figure 5,
at each stage of the top-down construction
sequence, a 2 m high segment of the bored
pile wall was exposed, allowing drilling of
the tie-back anchors prior to in-place
casting of the RC wall itself. Each of the
tie-backs was drilled at a nominal 10°
down angle into sufficient length of
competent grade I-II granite to allow
adequate anchor bond length (as shown in
the three typical sections included within
Figure 4). As excavation and wall
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concreting was completed on a lift-by-
lift basis, drlling of 15° upward
inclined raking drains was undertaken
to attempt to maintain control of any
potential groundwater build-up behind
the fault zone. In this way, wall
stability was maintained and the
construction process simplified.

ROCK FALL CATCH
FENCES

7.0

Although most of the hazardous
sections of the high rock slopes along
the Tai Lam segment of the Tuen Mun
Highway had been covered with
draped mesh either as part of the
original 1970’s construction works, or
had been draped in subsequent
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remedial works campaigns, little attention
had been previously paid to possible large
scale rock fall issues. In view of the long-
term  hazards posed by possible
dislodgement of large, partially stable
sheeting joint slabs and/or relict core-stone
boulders, the risk-based design approach
to the stabilization program demanded
much higher levels of rock fall protection
than had hitherto been practised in Hong
Kong. This also applied to the short-term
hazards posed by construction of the
works themsleves.

The core-stone boulders above the cuts
posed a particular problem. Although
some of the larger, more easily accessed
boulders could be stabilized by
construction of site specific concrete
butresses and tie-backs, because of the
large number of relatively small boulders,
it was deemed necessary for both the
short-term construction period as well as
the permanent works, that high capacity
rock fall fencing would be required. For
the construction period it was also
recognized that, even though the cut slopes
below the proposed new high capacity
rock fall fences were going to be stabilized
(bolted and meshed during the works), any
rock falls or equipment falling from the
cut slopes would have to be prevented
from reaching the highway.
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Due to the large number of boulders
present on the slopes and in particular
to assist in laying out the rock fall
fences, the natural slopes above the
slope cuts were initially classified in
terms of the overall risk of boulders
reaching the highway. Moderate and
high risk areas were further assessed to
determine the general frequency, size
and stability of boulders in those areas.

Assessments of the potential trajectory
paths of probable boulder and or rock
fall releases from high on the existing
slopes, highlighted the need for much
higher capacity fences than had
previously been used in Hong Kong.
Discussions were therefore held with
GEO and other Government agencies
to allow use of such measures, based
on demonstrated precedent in Europe
and North America. As shown on
Figure 6, which illustrates the
permanent Geobrugg fence design
actually employed along the TMR
slopes, these high capacity fences are
very different from the conventional
rock fence arrangements included in
CED drawings C 2501A and C 2502B,
(ref. CED 1994).

Optimising the positioning and sizing
of the Geobrugg fences for both short-
term construction control of rock falls
and for long-term protection, required
multiple computer simulation runs of
falling, rolling and bouncing boulders.
To undertake the analyses using a
program which could meet GEO’s
rigorous verification requirements,
Golder developed an in-house program
(Rockfal3) which could address all key
parameters required for modelling the
most  critical  bouncing  boulder
trajectories, namely: boulder diameter,
shape, density, release velocity and
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Figure 6: Rock Fall Fences Installed at the Crest of the Existing Cuts at TL/S2

slope profile, type and roughness and
coefficients of restitution for impacts
between boulders and the substrate
(Golder, 1997). As shown in the typical
output plot included within Figure 7, this
probabilistic program predicts not only the
boulder trajectories, but statistically
quantifies boulder bounce height and total
kinetic energy along the trajectory paths
and thus provides all the output parameters
critical for adequately sizing and
positioning rock fall fences.

For the short-term construction condition,
a critical aspect for layout of any
temporary roadside fences was the limited
rock fall catchment between the fence
location and the slope toe. Based on the
trajectory modelling it was determined that
minimum temporary fence height and
capacity should be typically 3 m and 250
kJ, except at the east end of TL/S4 where
fence heights had to be increased to 5 m to
prevent overtopping. Initial trajectory
modelling and precedent design reports
had demonstrated the beneficial effects of
a “bounce cushion” in front of the roadside
fence to help minimise impact magnitudes.
However, because of the limited catch
zone width at the toe of the slope, the
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contract was tendered with slightly
higher capacity fencing and no bounce
cushion. The Contractor however
opted to incorporate a sand/CDG
cushion on top of the highway inside
the roadside fence for additional
safety.

For the long-term permanent fencing,
the output from Rockfal3 was used to
plot optimum design layouts and
determine appropriate fence capacities.
For all slope areas, the basic
procedures were: 1) determine fence
plan positions relative to slope crest
and toe based on predicted trajectory
patterns, ii) establish required fence
heights needed to capture the 99%
probability level of trajectory impacts,
and i) determine required fence
capacity for this 99% probability level.
Based on these analyses, slope
positioning of the optimal fence
locations were re-arranged to allow use
of just three standard permanent fence
types: a 3 m high, 250 kJ fence; and
two 5 m high fences with 250 kJ and
750 kJ capacities. However, in some
instances it was found that fall path
length needed to be minimised further
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still, by using upper, intermediate and
lower slope fences. This, in turn
provided a substantial measure of
redundancy in critical locations.

8.0 CONCLUSIONS

Demanding conditions for the widening
of the Tuen Mun Highway were
overcome through detailed geotechnical
investigations, the implementation of
innovative slope design solutions, and
stringent risk-based safety management
requirements. As with many other of
Hong Kong’s problematic high slopes
this project has unquestionably raised
public awareness and increased the local
profile of geotechnical and geological
engineering. The project has gone from
attracting negative newspaper headlines
due to potential litigation and
accusations of professional negligence to
a model example of a well executed
construction project. This is attested to
by the impressive 23 m high tie-back
retaining wall at TL/S1 and Hong
Kong’s first ever high energy rock fall
protection fence system.
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Behavior, Design and Reliability
of Highly Flexible Rockfall Protection Systems for Highways
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Abstract

Highly flexible steel-net protection systems are a cost efficient method to protect inhabitants
and infrastructure of mountain regions. Laboratory tests and real 1-to-1 field tests are used to
optimize these structures. This paper presents the quasi-static laboratory experiments with
net-rings as well as the dynamic rockfall experiments with single and multi-field nets. The
field tests use a high performance reinforced concrete boulder containing a three dimensional
acceleration measuring device. The deceleration of the boulder is recorded and therefore the
braking response of the system is quantified. The tests are back-calculated with an explicit
finite element model consisting of nets, cables and brake elements. The model is integrated in
a probabilistic simulation program based on the first order reliability method to evaluate the

structural safety of the systems.

1 Introduction

Rockfalls pose a serious danger to mountain highways in Switzerland. Annual investments on
defense measures are of the order SFr. 7.0 ($ 4.2) million. Steel-net protection systems have
become a cost efficient method to protect highways from rockfalls as opposed to concrete
galleries. The systems consist of wire-ring nets or diagonal-cable nets supported by steel
cables with inelastic brake elements and columns. They are installed like fences above

transportation lines and residential areas to stop falling rocks with masses of up to 10 tons and
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velocities of up to 60 mph. Within the last twelve years the energy absorbing capacity of the

systems has been improved by a factor ten [1].

Engineers must design these light weight steel net systems to stop falling rocks with kinetic
energies of over 5000 kJ within about 10 m. The amount of energy that needs to be absorbed
and the stopping distance are a function of the geology and the topography of the rockfall site.
Since the nets are often placed in steep terrain, another design criteria is the maintenance cost.
To date, there is neither a reliability concept nor a calculation guideline for steel-net systems.
This is surprising considering the safety requirements of these protective systems. To
overcome practical design problems standards for testing and certification of flexible rockfall

barriers have been applied in Switzerland since 2001 [2].
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Figure 1: Experimental set-up of quasi-static ring experiments, test series with single rings ER I to ER 3
and with groups of rings GR 1 to GR 3.

In addition to the certification of protection systems advanced simulation models are now
being developed to reduce field testing and to improve the design of the structures and their
foundations. A research project with the goal to combine specialized field experiments and
numerical modeling was started in year 2000. This project is jointly carried out with the
Federal Research Institute WSL, the manufacturer of the ring nets and the Federal Institute of
Technology, ETH in Ziirich. Two different simulation tools have been developed. Both tools

are based on the finite element method and use 38 explicit time integration method. One is a



simplified model which applies cable and bar elements suited for reliability analysis. This
cable element model is treated within the present paper. The other numerical model,
developed at the ETH, is an detailed finite element program combining special purpose ring
elements with large deformations, nonlinear materials, contact and sliding effects as well as
friction. The application field of both models is to optimize product development and the
protective capacity of the structures. To calibrate and to verify the numerical simulations a

multistage testing programme with new measuring methods was devised.

Thus, experimental research, numerical modeling and reliability theory are combined to
quantify the influence of the predominant parameters on the safety of rockfall protection

systems. Each will be discussed in the following.

aom

L15m
=3

Figure 2: Real 1-to-1 rockfall test-site in Walenstadt (Switzerland) for three field systems and single
spanned nets.

2 Experimental research

The experimental programme consists of quasi-static laboratory experiments with wire rings
and rockfall field experiments with single spanned nets and complete systems. Within the
present paper the focus is on those experiments which were used for the development and the
validation of the cable element model. More complex experiments have been carried out to

validate the full finite element program, but these are not treated in detail. See [3] or [4] for

more details.
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2.1 Quasi-static laboratory experiments

To determine the non-linear behavior and the energy capacity of the wire rings, quasi-static
tensile tests were performed in the laboratory. Different configurations of single rings and
groups of rings were investigated (see Fig. 1). The results of the tensile tests GR 2 and GR 3
are used to validate the material law of the cable elements modeling the net behavior. The
300 mm diameter net ring consists of 3 mm steel wire windings. The number of windings
depends on the desired ring resistance. The yield stress of the steel is 1770 N/mm>. Typical
results are shown in Fig. 8. The force curves show a period with little resistance. Afterwards,
when the elements begin to elongate, the resistance force increases dramatically. In the first

loading phase, bending is the primary deformation mode.
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Figure 3: Plan and elevation of the field apparatus for experiments with single spanned nets (left);
instrumented concrete sphere with a diameter of 820 mm and a mass of 825 kg (right).

3 Rockfall experiments

3.1 Test site

The field tests were performed in the Swiss Federal Rockfall Test Site near Walenstadt in
Canton St. Gallen (see Fig. 2). The site is used for type-testing, research purposes and product
development. The boulders have a maximum mass of 16 tons and are released from a crane.

They can be dropped a vertical distance of up t0,§0 m before the impact with the protection



systems. To prevent ground contact during the deceleration phase the complete systems with
three fields are installed in a vertical rock face 15 m above the ground. The free fall test
guarantees the reproducibility of the velocity, the (vertical) trajectory and the location of the

impact.

3.2 Rockfall experiments with single spanned nets

The dynamic behavior of the single components is investigated using a specially constructed
field apparatus. The experiments on the field apparatus, shown in Fig. 3 are realized with
system components in a simplified arrangement with reduced degrees of freedom. Three test
systems were defined. During the first phase, square nets with blocked displacements at the
boundary were performed. During the second phase, square nets were suspended from cables
and during the third phase, square nets were suspended from cables with integrated brake
elements. Thus, in the first test phase, the behavior of the nets was determined, in the second
phase the supporting cables and in the third phase, the brake elements. This component-wise
testing procedure was selected in order to understand the behavior of the single elements
within the system. Thus, single element models could be developed and tested. Furthermore,
the simplified configuration reduces the number of model parameters and makes integral and
accurate measurement possible. The experiments with system components are used for the
validation of the detailed finite element program.
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Figure 4: View and side view Installation of complete rockfall protection system.
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3.3 Rockfall tests with complete protection systems

Rockfall field tests with complete systems were additionally performed. The results of the
experiments with complete systems were applied for the verification of the cable element

model.

The tested system shown in Fig. 4 has three spans of 10 m and a column height of 5 m. The
loading corresponds to approximately 80 % of the energy absorbing capacity of the system.
The geometric configuration of the tested system is similar to the configuration in practice.

The static system, the location of the single components and the measuring devices are

indicated in Fig. 5.
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3.4 Measuring techniques

Several measuring techniques are used to record the braking process of the boulder in the net.
During the experiments with single spanned nets the horizontal and vertical bearing reactions
were measured with load cells fixed at the four columns of the field apparatus. Eight load
sensors measured the tensile forces in the cables. To avoid dynamic effects these sensors are

directly fixed to the eight anchoring points surrounding the frame.

31



The forces in the anchoring and in the supporting cables of the complete system were

measured with nine load sensors, see Fig. 5.

To obtain the resulting braking force which acts on the net in a direct manner, accelerometers
and a computer control unit have been integrated into the boulder. The boulder consists of two
semi-shells of fiber reinforced high performance concrete with a total mass of 825 kg (see
Fig. 3). This instrumented rock is dropped from heights of up to 32 m and can withstand
impact decelerations of 100 g. The integral parts of the data acquisition system is a micro-
controller and a 12 bit A-D transformer. The data are sampled with 20 kHz and written
continuously in a ring buffer. After triggering, the data are retained in the static RAM-
memory until down-loading is completed. This deceleration is tracked with eight capacity
accelerometers. The range of the sensors is = 50 g with guaranteed overload of maximum
1000 g. The accelerometers measure the stone's deceleration over time. A special integration
procedure has been developed to obtain the velocity and position of the rock from the

measured deceleration.

Beside the force sensors and the accelerometers, the third independent measuring technique is
a high speed video system with two cameras recording 250 frames per second. The video
system is synchronized with the force sensors. These recordings document the entire braking

process.

4 Simple Finite Element Model

The cables, the brake elements and the net of the protection system are modeled with lumped
masses which are connected with tensile elements having the mechanical behavior of each
component. The lumped masses are located at the intersection points of different element

types as well as at the support of the cables and columns (see Fig. 6). A cable consists of
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different cable elements. The columns are modeled with two lumped masses which are

connected via a truss element.

boulder mode! model of complete system

\NA,ZD
/Nn,ID
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lumped mass
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cable element
vectors

Nl Nl m
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node is sliding: N' = M= N°

|

J support

Figure 6: Simple finite element model of a three field system.

The impacting boulder is considered as a single mass without a mass moment of inertia. The

impact between net and boulder is neglected. In the first time-step of the calculation the

boulder mass has the impact velocity d 0

4.1 Non-linear dynamic analysis

The equation of motion of a node n with the lumped mass m, the resulting node force g(t), the

gravity g and the displacement vector d is.
md + cd =—q(t)+mg

For the solution of the nonlinear equation, an explicit time integration algorithm based on the

central difference method is applied. Due to the lumped masses and cable elements the global
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system of equations is decoupled and can be inverted easily to find the deceleration at a single
node, n. In the numerical model the damping is ¢=0.
The displacement increment vector Ad of a node 7 is obtained from the equation

~1

m m
AM=|—||-q(t)+mg+—Ad’|.
At? a1)+mg At?

Ad’ is the node displacement between time 7 — A¢ and time ¢. The normal force N° of a cable
element is calculated with the sum of the elongation of the cable elements v connected to

one cable.

s
2|

N’ =FEAe® with ¢° == -1

v, and vfo are the element vectors at time ¢ and 7. A node can slide if his two neighbor

elements belong to the same cable (N* = N**'). The resulting node force ¢(?) is obtained

from the sum of the normal forces of the neighboring elements.

q”(t)=;ﬁNs

A

1)

Il
,l# (i

Figure 7: Rockfall protection system after dynamic field test: concentration of the ring net at the position
of the maximum cable sag.
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4.2 Material laws

During the braking process of a boulder in the protection system, the rings, which are
connected to the upper and the lower supporting cable, slide together at the position of the

maximum cable sag (see Fig. 7).
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Figure 8: Determination of the stiffness factor for the 1D- and 2D-net-element.

In the vertical direction the rings are strained with free lateral displacement (1D). In the
horizontal direction the lateral displacement is blocked due to the upper and lower supporting
cable, the loading acts in two axis (2D). This kind of mechanism has been studied with the
quasi-static test series GR 2 and GR 3. The factors from the table in Fig. 8 indicate how many

series and parallel connections of the experimental set-up fit into the loaded net zone.
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Figure 9: Material law deduced from the tensile test diagram for the 2D-, 1D-net-element and the brake-

element.

The tensile test diagram and its bi-linear and tri-linear regression for the resistance force of

the cable elements modeling the ring net and the brake element behavior are shown in Fig. 9.

5 Results

5.1 Comparison of numerical and experimental results

The motion-time-relations from the
measurements in the instrumented boulder and
the numerical simulation with the finite cable
element model are compared in Fig. 10. The
oscillations of the acceleration-time-relation
from the numerical simulation correspond to the
change of the gradient of the bi-linear material
law of the 1D-net-elements. The over-simplified
bi-linear model of the net with four cable
elements is responsible for the overestimated

braking distance of the numerical simulation.

In Fig. 11 the cable forces of the numerical
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Figure 10: Comparison of experimental and
numerical result of motion values of the boulder
(m =825 kg, vo = 25 ms™; E = 260 kJ).

simulation and of the data from the traction sensors in the cables are compared. The

calculated forces in the supporting cables and in the lateral anchoring cables coincide well
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with the measured values. The simulated results of the lower supporting cables predict the

time when the brake elements engage.
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Figure 11: Comparison of experimental and numerical results of the cable force-time-relations
(m =825 kg, vy =25 ms™'; E = 260 kJ).

5.2 Reliability Analysis

location of impact
32%

The cable element model was integrated into a

loss potential
™ 32%

reliability analysis program based on the first

order method [5, 6]. For the design resistance,

1o o

nine stochastic basic variables describing the ) !
action resistance

material and geometric behavior of the structure Figure 12: Influence of the resistance and

] ) ) action parameters as well as the reliability
were determined. The loading action on the class.

structure is described with the stochastic parameters of the impact velocity and the rock mass.
Three different locations for the impact are distinguished: center of the net field, close to the

upper supporting cable and a complete miss. The location of the impact is modeled with a log
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normal distribution. The loss potential is taken into account for three different types of roads.

The target reliability index £ is between 2.3 and 3.7 in order to minimize the costs due to

failure. The influence of the action (velocity and mass), the resistance, the loss potential (road
type) and the location of impact on the reliability of the systems is illustrated in Fig. 12. The

location of impact and the loading action have the largest influence on the system reliability.

6 Conclusions

The use of a instrumented boulder containing an acceleration measuring device provides
results with a high accuracy about the dynamic response of steel-net protection systems. The
combination of novel measuring techniques with a rockfall testing programme integrating
experiments with single components and complete systems represents a basis for the
development and validation of numerical calculation models. The simplified finite cable
element mode] enables the simulation of the complex deformation behavior of ring net
systems. The probabilistic simulation points out the influence of the predominant variables on

the reliability of the protection systems.
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The worldwide first official approval of rockfall
protection nets

Reto Baumann "

Figure 1 The Swiss Test Facility for Approval in Walenstadt

Summary

Rockfall protection structures have been evolving and being field tested in Switzerland since
1988. Today their capacity for taking up energy is a multiple of what it was then. Four
manufacturers have tested their products at seven different locations. Over 350 field tests have
infused new knowledge into the development of rockfall protection structures and into the testing
procedure itself. High quality products have emerged out of the different test conditions, but they
cannot be compared. This always leads to situations of conflict in public tenders. For this reason
the Swiss Agency for Environment, Forests and Landscape (SAEFL), together with the Federal
Research Institute WSL, has introduced an objective and standardized approval procedure for
flexible rockfall protection nets. For this test the protection nets will be evaluated on different
criteria in an energy range from 100 — 5,000 kJ.

Y Forestry Engineer (ETH), President FECAR, Swiss Agency for Environment, Forests and Landscape SAEFL, CH-
3003 Bern, Switzerland. (E-mail: reto.baumann @buwal.admin.ch)
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Switzerland has been fighting natural hazards for centuries

Switzerland is famous for being in the middle of the Alps. They have their beautiful side, such as
the world famous Matterhorn. They also have a very threatening side, however, in the form of
fearful natural hazards. Avalanches, floods, slides, rock avalanches and rockfalls arouse anxiety
and fright in the populace. The Swiss have learned, however, to live with them and to protect
themselves effectively. Evidence of this centuries long battle for survival can be seen everywhere
today in the many protection structures. Avalanche structures, deflection dams, road and railway
galleries stand witness, as do rockfall protection nets.

Experts call for better rockfall protection nets

The protection structures built have not always performed as well as hoped. In the past, even
palisade walls and nets have often not stood up to the loads and have failed. For this reason a
group of experts and practitioners had already called for the development of better rockfall
protection nets back in 1974, with their functionality to be tested by an independent authority. W.
Heierli presented in 1985 the first research study about protection against rockfall.

Thus it came about that the development of new and improved rockfall protection nets advanced
strongly in the last ten years.

Research and industry carried out more than 330 tests

Rockfall scientists and manufacturers of protection nets were brought together by their ambitious
goals and the strict quality requirements. An intensive collaboration resulted in the design of new
products. It was possible to increase the capacity for absorbing energy, which is the most
important criterion for the nets, from ca. 250 kJ to around 3000 kJ — a factor of 12!

Table 1 Maximum kinetic energies of rocks that were decelerated by protection nets.

Year ' 1987 1990 1992 1995 1997 2001
Rock mass (kg) 3000 1 600 2 870 4 000 5 600 9 600
Max. velocity (m/s) 12 22 26 27 26.5 25

Kinetic energy (kJ) 220 390 970 1 460 1970 3000

Right from the beginning it was clear that no further help was to be had from calculations. The
dynamic behavior of the nets cannot be calculated (yet). Tests on a 1:1 scale were required. In the
period between 1988 and 2001, over 350 tests were carried out with rockfall protection nets! In
the course of these tests, four manufacturers of protection nets developed new types of nets with
the goal of maximizing the energy that could be taken up by the nets. Development was based
mainly on realistic field tests, in which the nets were tested with moving rocks. Not only were
the protection nets evolving, the testing methods also continued to improve. The experience thus
gained pointed up the weaknesses in the test arrangements chosen.

41



Test series 1 Test series 2 Test series 3

Figure 2: Schematic representation of different test arrangements

First test series

In this series the rocks were set in motion on the steeply sloped surface above the net. They
subsequently slid and jumped in different directions and with differing velocities onto some point
in the protection net. This test series was used especially in the early years of the tests in the
Beckenried (Beckenried A) and Oberbuchsiten. The results of evaluating the velocity of the rocks
gave valuable insight into the energy lost by the rocks as they made contact with the ground. It
was seen that many rocks were not stopped in the protection nets but instead continued their
trajectory to the left or right of them. The velocities reached ranged widely, from 6-24 m/s. The
rocks landed at different places in the protection nets and with very variable velocities. Neither
the kinetic energy nor the direction of incidence could be determined in advance. This situation
was most unsatisfactory for both the scientists and for the developers. For this reason a better test
arrangement was sought.

Second test series

For this series an inclined cable-crane setup first had to be installed. The crane equipment was not
only used for transporting the rocks upwards, but equally for their downwards transport. The
rocks, hanging from the rope, were dropped and then released from the rope after a certain
distance was covered. The rocks struck the surface of the ground near the net and then rolled into
the net. The goal of this series of tests, which were carried out in Beckenried (Beckenried B), was
to increase the velocity of the rocks. This goal was not reached, however, because just as much
energy was taken up in a single ground contact as by multiple contacts in test series 1. The
velocities here also encompassed a relatively wide range, from 10-22 m/s. Test series 2 had the
advantage, however, that the rocks always hit the middle of the protection net relative to its lateral
dimension. The height and angle of incidence, however, could not be determined in advance. This
situation was still unsatisfactory, and so another test arrangement was developed.

Third test series

The cable-crane setup was also used in this series to throw the rocks, aiming them into the
protection nets. But this time the rocks went directly into the net, and with high velocity. This
series was carried out in all test sites except for the Oberbuchsiten. It was not until the
introduction of test series 3 in 1991 that the rocks could be held to a relatively narrow range of
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velocities, from 25-27 m/s (Beckenried) or 29-31 m/s (Giswil, Lungern). With this test series it
was possible to calculate the energy of the falling rocks in advance and to develop the protection
nets to specification. At the high velocities, however, there were sometimes problems with
releasing the rocks from the crane’s bearing rope. This test arrangement had the further
disadvantage that the large masses required for the high energies were more difficult to manage
and represented a hazard for operation of the equipment. If one wanted to vary the impact of the
rocks in the net, it could only be accomplished by costly modifications to the cable-crane
equipment. For every newly tested and approved net, the equipment first had to be adjusted. The
equipment needed a costly “ranging”. The accuracy of impact was also not yet totally satisfactory.

Figure 3: Number of tests per year with protection nets
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Practitioners call for approval

The purchasers of rockfall protection nets during a period of such rapid development find
themselves constantly confronted with new or changed products. The different works plans do not
lend themselves to comparisons. New products of unsatisfactory quality are constantly appearing
on the market. Those responsible for safety are very insecure and cannot compare products in
public tenders. Surveys of practitioners in 1997 and 1998 revealed an urgent need for action.
Again there was a call for neutral and objective testing of the nets in Switzerland.



What are the requirements for an approval?

Separate the wheat from the chaff. The approval process must be able to separate the “wheat
from the chaff”. That means that it must be able to ascertain which products are not suitable for
rockfall protection. These must not pass the test.

Provide relevant information. The approval must provide the information that planners and
purchasers need for the design and dimensioning of the rockfall protection structure. Much
information is interesting but not important for the practitioner. The information provided by the
test should simplify product choice, not complicate it.

Standardize. The test procedure must be strictly standardized and reproducible at all times. The
test procedure must be structured so that the test conditions are always exactly the same. Only if
this constancy can be guaranteed in the test procedure will the manufacturers of protection nets be
prepared to accept the results.

Model reality. As much as possible, the test should reproduce the real-life situations it is
attempting to model.

Be reliable and independent. The manufacturers, planners and purchasers must be able to have
confidence in the test. For this reason it must be carried out by an independent institution, and it
must have an official character. Only a government authority can meet this need.

Be technically and economically feasible. The most beautiful ideas for a test are worthless if
they are not technically feasible or are so expensive that they are unaffordable. Approval testing
should not make the products offered on the market more expensive. That would not be in the
public interest! The products for sale should be getting better, not more expensive.

The new test standard in Switzerland

Development of the approval started early in 1999 after clarifications had demonstrated the
feasibility. Here again intensive collaboration was asked for. A strict but fair approval was
designed with the participation of industry, research and various authorities. The test facility in
Steinbruch Lochezen near Walenstadt was officially opened on May 31, 2001. This was the birth
of the first worldwide and, up to now, the only official approval for rockfall protection nets!

The approval rests on two pillars. First, the new test facility permits 1:1 tests and the necessary
comparative measurements. Second, the test procedure, minimum requirements and measurement
methods were developed. All this is set out in the federal guideline for the approval of rockfall
protection nets, issue 2001.

The following criteria, important for the purchaser, are tested:

test energy (= main criterion)

maximum excursion with loading as well as excursion with half loading
impermeability to smaller rocks

forces in tie rod

effective height as well as effective height after loading

adaptability to the terrain
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e simplicity of construction
e case of repair
e lifespan

Administrative procedure

Administration of the approval is mainly in the care of the SAEFL (Table 2). Manufacturers send
their applications for approval to this agency, along with all necessary construction plans, detailed
drawings and data on the material qualities. The agency registers the application and documents
and orients the involved parties on the further course of the procedure, the rough schedule and,
for the manufacturer, also the costs that will be involved. The WSL uses the documents to verify
that the construction meets the basic safety requirements and clarifies how the structure can be
installed in the test terrain.

Based on the documentation, the WSL verifies whether the construction meets the basic
requirements for protection structures and clarifies how the structure can be installed in the test
site. The WSL organizes the test, generates the measurement and observation plan and carries
out the approval; it records the results and produces a comprehensive report.

The FECAR evaluates the results and determines to what extent the structure fulfills the
conditions for approval. It gives the SAEFL a recommendation as to whether the test was passed.
The SAEFL writes the test certificate and forwards it to the manufacturer along with the test
report.

It goes without saying that the approval is open to all manufacturers and not just intended for
Swiss products!

Table 2: Administrative procedure for the testing process

Responsible / Involved parties Working steps

Manufacturer; supplier Application to SAEFL with documentation

SAEFL / SFA Registration, confirmation of receipt, information about
the costs

WSL Examination of the documents, organization of the tests

Manufacturer; supplier Payment of the deposit

WSL; manufacturer; delegation from Implementation of the tests

FECAR

WSL; Delegation from FECAR Test report for the FECAR

FECAR Overall assessment yes/no; application to SAEFL; brief

report to manufacturer within 6 weeks after test
SAEFL / SFA; manufacturer, supplier Final financial settlement with manufacturer; supplier

SAEFL / SFA Issuing of certificate and test report
SAEFL = Swiss Agency for the Environment, Forests and Landscape
FECAR = Federal Expert Commission on Avalanches and Rockfall

SFA = Swiss Forest Agency (principal division of the SAEFL)

WSL = Federal Research Institute WSL Birmensdorf
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The test facility in Walenstadt.

Experience from the first three test series led to the idea of building a test facility for testing
vertical fall with test bodies. This way all of the disadvantages of the oblique fall setups could be
avoided. The test site where the structures are tested now consists mainly of an almost
perpendicular rock face and a level installation area. The structures are installed on the rock face
at a height of 15 m; the structure’s posts are fastened to a 32 m long foundation adaptation unit
and anchored to the rock face by ropes on the post head.

Figure 4: Frontal view of the Walenstadt test setup during a test

The posts in the structure are inclined at angle of 30° to the horizontal. The inclination of the
retaining rope is approximately 40° in the side elevation (Figure 5). This arrangement will cover a
large proportion of naturally occurring rock trajectories for this vertical load.



50°

20°

Figure 5: Test setup mainly used in recent years (left) and new arrangement at Walenstadt
(right).

The works are divided lengthwise into three section widths of equal lengths. Thus for a standard
structure 4 posts are installed, with 3 net sections between them. The relation of the section width
to the distance between posts is left open. It is thus left up to the manufacturer of a protection
structure which section width he uses in order to meet the conditions with respect to braking
distance. The minimum height of the structure being tested, on the other hand, depends on the
particular energy category (Table 3).

Figure 6: Arrangement and technical data for the rockfall test setup
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Legend:

1 Crane Hoisting force 160 kN (16 tons)
Maximum hoisting height 50 meters above ground

2 Tested nets Maximum length (horizontal) 30m
Net position 15 m above ground
Post length 3-7m

3 High speed video camera | Number 2
Position Lateral and frontal view
Picture Digital technique
Number of images per second | 250

4 Tensile force sensors Number 15
Maximum force 500 kN (50 tons)
Number of measurements 2000/ sec

5 Test body Type Steel concrete cube in ashlar shape with

flattened corners and edges

Velocity on impact 25 m/sec (=90 km/h)

Requirements for the protection nets

In principle the task of a protection structure is to stop moving rocks and blocks. In the natural
environment this is mostly achieved by means of a ground contact during deceleration. This
means that the protection structure only takes up part of the kinetic energy of the rock; the
remainder is absorbed by the ground.

The protection structures to be tested in accordance with this guideline should be able to absorb
the full kinetic energy of a falling rock. Certain additional requirements will be imposed on the
maximum deformation of the structure. On one hand the braking distance should not exceed a
certain mass after an event, and on the other hand the structure should still retain a certain
residual useful height.

The effective surface of a structure should also remain as large as possible after an event and be
impaired as far as possible only in its height, but not in its width. In recent years structures have
been developed for which the effective width has been interrupted after an event. In such a case it
is possible that rocks and blocks coming after can roll on unimpeded through the structure and
cause damage further below.

The 4 test parts

The protection structures are divided into 9 energy categories of 100 kJ to 5,000 kJ. A structure
must pass the test parts a) through d) described below in its energy category. For tests a) through
¢) the individual tests take place on the structure with rocks, and test d) includes a qualitative
assessment of the structure and an overall evaluation of tests a) through c).

Concrete blocks in an ashlar shape, in which the corners are truncated to one third of the length of
the side, are used for testing the structures. They are dropped vertically and must be decelerated
by the structure. The velocity used is 25 m/s, and the mass of the blocks depends on the energy
category.
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a) Preliminary tests with low energies. (boundary section)

These preliminary tests serve on one hand to test the bearing and deformation capacities of the
laid-on mesh and on the other hand to load individual ropes or rings in the net with smaller rocks.
Rocks as listed below are dropped together by size category with a velocity of 25 m/s into a
boundary section.

5 rocks 10/10 cm; total mass 12 kg

3 rocks 20/20 cm; total mass 56 kg

1 rock of 50/50 cm; mass 291 kg

For this test all of the rocks must be stopped by the structure. Deformations of the individual
ropes and mesh elements are permitted. They are recorded. No repair work is allowed. The rock

of 50/50 cm is omitted for structures in categories 1 and 2 (Table 3) for this test.

Table 3: The test parameters for the 50% and 100% test parts
Test part (50%) Test part (100%)
Cate- Post Energy Massof Edge Energy Massof Edge Max. Min. net
gory length (kJ) testbody length (kJ) testbody length  perm. height
(m) (kg) (m) (kg) (m) stopping (M)
distance
(m)
1 1.5 50 160 041 100 320 0.52 4.0 0.90
2 2.0 125 400 0.56 =~ 250 800 0.70 5.0 1.20
3 3.0 250 800 0.70 500 1,600 0.88 6.0 1.80
4 3.0 375 1,200 0.80 750 2,400 1.01 7.0 1.80
5 4.0 500 1,600 0.88 1,000 3,200 1.11 8.0 2.40
6 4.0 750 2,400 1.01 1,500 4,800 1.27 9.0 2.40
7 5.0 1,000 - 3,200 111 2,000 6,400 1.40 10.0 3.00
8 6.0 1,500 4,800 1.27 3,000 9,600 1.60 12.0 3.60
9 7.0 2,500 8,000 1.51 5,000 16,000 1.90 15.0 4.20

b) Preliminary test with 50 % energy: (middle section)

This test primarily serves to test the required repair effort and the service-friendliness of a
structure. It also tests the excursion at half energy. The block used for this test is dropped into the

middle section with a velocity of 25 m/s. After the test the following data are recorded:

e excursion of the upper and lower bearing ropes
position of the block in the net

deformation of the net
changes in the positions of the posts
deformations of the individual brake elements

damage to and deformations of other structural elements

time and material required for repairs needed for full restoration of the structure for the

main test.
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¢) Main test with 100 % energy: (middle section)

For the main test the full kinetic energy of the rock is to be taken up by the structure; the bearing

capacity and the deformability are tested. The block envisaged for this energy is dropped with a

velocity of 25 m/s into the repaired middle section. After the test the following data are recorded:
e excursion of the upper and lower bearing ropes

position of the block in the net

deformation of the net

changes in the positions of the posts

deformations of the individual brake elements

damage to and deformations of other structural elements

The residual useful height of the structure can be calculated from the data for the deformations of

the bearing ropes and the net. This may not be less than the value given in Table 3.

The maximum excursion of the structure with respect to the braking distance of the block is then

determined from the video films. This may not exceed the value given in Table 3.

d) Assessment of the structure

During installation of the structure and tests a) through c) the structure will be evaluated for
simplicity of construction. The structure should also be able to be installed as efficiently as
possible in difficult terrain. If it is damaged, it should be as easy as possible to replace individual
elements.

Measurement and observation methodology

For test b) and c) the tensile and compressive forces are measured and recorded at a maximum of
12 locations during deceleration of the block. Maximum forces up to 500 kN can be measured
with tension load sensors, whereby the scanning frequency is normally 500 Hz. The motion of the
block and individual bearing elements of the structure are filmed by video cameras from two
directions (Figure 3). The effective forces acting on the rock can be calculated from the motion of
the block (path/time records), and these can be compared with the measured forces and the
bearing ropes.

The initial knowledge gained from the approval process

The approvals carried out thus far show that the test procedure meets the requirements. It is suited
to differentiating between unsatisfactory products and those that meet the strict quality
requirements in Switzerland. The information provided and the test results are objective and
allow a good assessment of the protection net tested.

The measurement results obtained with the tension load sensors demonstrate that large forces can
arise in the bearing ropes with the high energy nets. Peak forces of over 300 kN were measured.
The anchorage must be able to take up these forces. For this reason it is especially important to
pay attention to the dimensioning of the anchor and the bearing capacity of the ground when
planning the anchorages. If necessary these may have to be obtained from tensile tests.

Comparison of the measured excursion at half load with that at full load shows that the difference
is less than assumed earlier. The excursion does not increase linearly with increasing load.



The effort involved for an approval is considerable, despite limitation to the most important test
parameters. This is also reflected in the cost, which is about $ 40,000 per construction tested.

Where can I find out more about the protection nets tested?

The SAEFL publishes the certificates on the Internet. They can be downloaded from the
following address:

www.schutzwald-schweiz.ch
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Certification of Rock fall Barriers in Europe

By Dr. R. M. Spang, Witten, Germany

Abstract: Since their first application in 1958 at Brusio, Switzerland, rock fall barriers made
out of steel wire rope meshes have proved as a powerful mean for rock fall mitigation along
highways all over the world. Nevertheless, no technical standard did exist either for their con-
struction or for their technical approval so far. This situation made it difficult for designers as
well as for clients to compare the different systems as for their safety and select an appropri-
ate product for their applications. Therefore, the European Organization for Technical Ap-
proval (EOTA) is establishing a guideline for testing and certification of rock fall barriers as a
first step to harmonization of rockfall mitigation within the European Community. The actual
draft is presented within this paper.

The intended approach by defining certain energy dissipation levels and having the producer
selecting the corresponding energy he wants his system to be tested is described. The state
of the discussion as for the type of tests - drop tests or launch tests - is commented. Criteria
for the assessment of the required performance of barriers under different energy levels are
presented. Their practical applicability is analyzed. The minimum required number of tests as
well as the desired hit areas are discussed. The pros and cons of testing not only the center
of the middle panel but also the edges and the posts are presented. The practical meaning of
the expected test results is analyzed from the point of view of a designer.

Introduction: In the eighties of the last century there were a lot of different rockfall barrier
types, but their energy dissipation capacity was in general unknown. Only very few producers
were using tests for the systematic development of their barriers, like BRUGG CABLE
PRODUCTS - the later GEOBRUGG - and ISOFER, both in Switzerland (SPANG &
BOLLIGER, 2001). RITCHIE’s (1963) pioneering rock rolling tests intended more to establish
criteria for the determination of fence heights than to analyze their energy dissipation capac-
ity. COLORADO DEPARTMENT of HIGHWAYS (1989) tests have brought some fresh ideas
into rockfall mitigation, but were not systematic enough to fill that gap. Thus CALTRANS tests
at Big Sur, Ca. were the first systematic and independent field tests to compare barriers of
different producers - in this case ENTREPRISE INDUSTRIELLE from France and
GEOBRUGG from Switzerland (SMITH & DUFFY, 1990) and to determine their energy dissi-
pation capacity by identical and reproducible tests.

On the other hand, the specific kinetic energy to be dissipated at a certain location, where
such a structure had to be erected, could not be determined, too, no realistic computation
method being available. This situation resulted in purely empirical desighs with unknown
safety factors (SPANG, 1988). It changed when the first reliable rockfall simulation pro-
grammes became available in the market.

State of the art of testing rockfall barriers: The actual situation is characterized by the
following facts:

e A lot of rockfall barrier systems are now tested as for their energy dissipation capability,
but partly by the producers themselves, by different test procedures, different energies,
mass/ velocity ratios, different sizes of blocks, with or without rotation, by rock rolling, ver-
tical drop tests, launch tests, pendulum tests, or other more exotic test procedures, tar-
geting into the center of the panel, on the posts, on the lower border etc. etc. (HALLER &
GERBER, 1998). This wide range of different test approaches does not mean more than
an evident lack of comparability of their results.
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Until December 2001, when the SWISS AGENCY for the ENVIRONMENT; FORESTS
and LANSCAPE published its “Guideline for the approval of rockfall protection kits” not
any regulation or recommendation for the execution of these tests did exist, worldwide.

It is well known by the scientific community that the energy dissipation of a system de-
pends on many different factors and that the result of tests depends on the boundary
conditions of the impact on the barrier. Especially it depends on:

¢ The number of panels, a test barrier consists of. Most systems transfer a consider-
able amount of the impact energy to the neighboring fields resulting in a higher flexibil-
ity of the system, a bigger mass to be accelerated and a longer restitution time reduc-
ing the brake forces inside the retaining ropes and the foundation.

e The location of the impact on the surface of the panel: the center of the panel has
the highest flexibility and symmetry and shows considerable higher energy dissipation
than the corners, the boundaries or the posts, for examples. The order of magnitude in
the energy dissipation may range between 100 % in the center and 60 to 70 % in the
corners. Because no systematic tests have been carried out so far, the distribution of
the energy dissipation over the panel surface is not known. Thus, tests with different
target areas can’t be compared. Obviously, tests only in the center of a barrier will not
give reliable numbers for a safe design. :

» The relationship between barrier height and energy dissipation capacity: The inter-
dependence of barrier height and energy dissipation is not known. Thus, tests of barri-
ers with different heights are not comparable.

¢ The influence of angular velocity: In the early days of rockfall testing, rock rolling was
the mostly applied method. There is no doubt it is the most realistic one, too, because
it includes rotation of the rock. Most of the modern test methods are restricted to im-
pacts with pure translation. Rotation may represent up to 30 % of the total kinetic en-
ergy of a real rockfall and the mechanism of energy transfer from the boulder to the
barrier should be significantly different for the translational and for the rotational part of
the kinetic energy. This was one of the most interesting lessons to be learned from the
first CALTRANS tests in 1985 (SMITH and DUFFY, 1990; SPANG & BOLLIGER,
2001). Tests with pure translation may be comparable amongst themselves, but they
will be of no practical use for the decision for a certain system in design.

e The kind of loading: It should be trivial, that static loading of entire systems or parts of
systems will not give any reliable ideas on the behavior of a barrier under dynamic im-
pact. The reason is that the forces developing inside a system under dynamic loading
depend on the brake time, which can’t be predicted from theoretical considerations.
Thus, these tests are without any use for design decisions.

o Mathematical model: In spite of the fact that increasing scientific capacities are in-
volved, there is no calculation method available to substitute, control or amend field
tests, actually. Thus, no method does exist to calibrate results of different test meth-
ods.

On the other hand, the actual situation is characterized by a rapid and ongoing develop-
ment of rockfall simulation programmes. Therefore, it is state of the art to determine the
probable kinetic energy and bounce height of a rock at the location of a rockfall barrier
under design and to demand these values in the technical specifications of the tender
documents (SPANG & KRAUTER, 2001). Such a requirement is useless, if there is no re-
liable resp. common quality standard to compare the resulting tenders as pointed out
above.
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European approach to standardization: As for the specific situation in Europe, many of the
member states of the European Community have mountainous areas and have to cope with
rockfall risks. Only few countries have their own rockfall barrier systems resp. production,
however, and sell their systems to the others, or even distribute them worldwide. To make
systems comparable, make the market more transparent and define equal safety standards a
standardization of test procedures within the European Community obviously was urgent -
not a standardization of the systems themselves. To archive this purpose the European
Commission as the executive power of the member states gave a mandate to the European
Organization for Technical Approval (EOTA) to establish a European Technical Approval
(ETA) guideline on rockfall barriers. A system tested according to this guideline will be
granted an ETA that means it is fit for the intended use.

Aim of the guideline: The guideline shall be applicable to all rockfall barriers consisting of
posts, cables and nets, independent from their specific structure, whether the nets are linked
to suspension cables or and directly to the posts, whether the posts are exposed to rockfall or
protected by the net.

There is a vivid and lasting discussion amongst the members of the working group about the
purpose of the intended tests in conjunction with the test installation. The one group favors
the restriction to the pure comparability of test results as the only aim, the other, consisting
mainly of public customers, designers and this author, argues for tests determining limit en-
ergy dissipation and maximum elongation as a base for design decisions and approval of
tenders. This is amazingly not the same, because for comparison only, it doesn’t matter
which tests are executed as far as they follow the same procedure and their results being
reproducible.

For design purposes it is vital to know the lowest amount of energy a system can dissipate
under the most unfavorable conditions and at the most unfavorable location, should it be a hit
on a lower or upper corner, assuming that the both sides show the same behavior because of
their symmetry, or on a post at the foot, where the system might be the most rigid, or against
the top, where the bending moment reaches its maximum. There are also systems collapsing
when a retaining rope is hit. The argumentation of the first group concentrates on limitation of
test cost, believing that determination of the limit energy dissipation would require a bigger
number of tests and overtax small producers. By the way, they lobby for already existing test
sites with ropeway installations, where the variation of targets requires the shift either of the
ropeway or of the barrier, whereas a crane can easily drop a boulder at any desired point of
the barrier. To this author’s opinion as a designer it would be spoiled money to make tests to
whatever extend, if they don’t give the numbers needed for the selection of products during
design and tender. This should be the first aim of any regulation and not a “I'art pour l'art”
comparison.
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Posi-
Ifd. | Test proce- Example Accurancy of| Variation of Variation of |Angular velo-| Variation of | Conformity cost of (examples) for |Reproducibility Rating| tion
Nr. dure P selected hit hit area impact angle |[city of boulder] kinetic energy | with reality | installation installations |for test results
1 2 3 4 5 6 7 8 9 10 1 12 13 14
Rock rolling 3 2 3 1 3 1 1 Shayupin, Taiwan / 3 17¢) | 4
- flat slope (not controlled)l (by chance) (not possible) Big Sur, Ca.
P | smiITH& y P
1 | steepslope| DUFFY 3 2 2 1 2 1 1 3 15(+) 2
(1990)  |(not controlled)| (by chance) | (not controlled) (accuracy suffers Oberbuchsitten,
with increasing Ch.
path length)
2 3 3 2 1 3 3 2 19(-) 5
HALLER/ . I T oo . .
2 Launch test GERBER Acm:_ﬂ %m rope e:on_u_mwﬁm%: of (difficult) (with rotation) Beckenried, Ch.
(1998) has to be to be changed)
shifted)
HALLER & 1 1 3 2 1 3 2 1 14(+) 1
3 | droptest | GERBER (inclination of (difficult) (without Walenstadt, Ch.
(1998) barrier rotation) Itsukaitchi, Jp.
to be changed)
Pendul 1 1 2 3 3 3 1 1 15(+) 3
mﬂmmﬁca COLORADO (inclination of |(practically not| (upper limit by Colorado, USA
DEPT. barrier feasible) Istability of crane)
4 HIGHWAYS to be changed or
distance between
barrier and
crane varied)
Vertical
5 sums / 10 9 13 9 10 11 8 / 10 80
6 Average / 2 1,8 2,6 1,8 2 2,2 1,6 / 2 16

Fig. 1: Pros and cons of different test installations




As shown by Fig. 1 the type of test installation has a decisive influence on the kind of tests
that can be executed. According to the selected criteria and the given ratings, drop tests
proved superior to the others. Drop tests are prescribed by the above-mentioned Swiss
guideline, too.

Actual state of guideline: After its 7" session the working group agreed on the following
propositions:

The test scale shall be 1:1. No model laws do exist so far to enable tests at a reduced
scale.

The height of the tested barriers shall be correlated to the tested energies. This rule is
reasonable, because kinetic energy and size of a block are correlated and there should
be a sound relation between the size of a block and the height of a barrier, not exceeding
a ratio of 1:3.

Width of panel: It is known since the first tests at Oberbuchsitten in Switzerland, exe-
cuted by ISOFER in 1988 (SPANG & BOLLIGER, 2001), that the flexibility and subse-
quently the energy dissipation capacity of a barrier increases with increasing width of the
panels resp. with increasing distances between the posts. Actually, a distance of 10 m
can be considered as a standard. The working group decided to let the decision on the
width of the panels to the producer, who will get his certification for the tested width only.
Because there is no reliable correlation between the energy dissipation capacity and the
height or width of a system, the producer will be forced to order separate tests for any of
the heights and widths of his barriers he wants to have certified. This will lead to the intro-
duction of standard widths and standard heights on the market, because no producer will
invest the money to have all possible combinations tested. From the point of view of this
author, this is acceptable.

The number of panels shall be three. This is because most of the systems transfer a
considerable amount of energy to neighboring fields. Three panels - the one to be hit in
the middle - is a good compromise between the consideration of this load transfer and
cost of tests.

Angles of impact: The trajectory of the block shall be inscribed in a vertical plane or-
thogonal to the straight line, connecting the base of the posts. The angle between the net
plane defined by its four edges and the trajectory at the moment of the impact shall be
between 70 and 90°.

A squat regular block with 26 areas defines the geometry of block. The size of the block
shall be not larger than one third of the height of the barrier. Tabular or other geometries
are not tested.

Density resp. material of the block is defined by reinforced standard concrete resp. by a
density of 2.5 g/cm?.

Translational velocity at the moment of impact shall be between 25 and 30 my/s, this
range being frequently observed in nature. There is a discussion to link the velocity to the
energy level, described below. The lower velocity shall be linked to the lower energy. To
the opinion of this author, there is no reasonable argument to do so. If you are dealing
with a natural rock slope, the level from which the blocks may start will be independent
from their size. The only difference will be that the frequency of smaller blocks will mostly
be much higher than that of the big ones. It would be more realistic to define one velocity
only, independent from energy levels.

Angular velocity is not considered. According to the experience of this author, this will
lead to a serious limitation in the applicability of the test results in design. An impact with-
out a considerable angular velocity is restricted to free falling blocks hitting the barrier
without any previous surface contact. In all other cases of rolling or bouncing rolling itself
or the necessarily eccentric impacts will accelerate the block around an axle and result in
an angular velocity. The percentage of the rotational kinetic energy can be more than 30
% of the total kinetic energy. This is too much for being neglected. Neglecting the angular
velocity might be acceptable as a first step, resulting from the difficulties of actual test in-



stallations in modeling angular velocities, as presented by fig. 1. Triggering angular ac-
celeration is possible by rock rolling or by launch tests, if the block impacts on the ground
before hitting the barrier. The low reproducibility of rock rolling tests could be improved in
future by guiding the traveling block between some kind of guardrails or walls. The loss of
energy during the impact of a block in the launch test is not considered as decisive in re-
lation to the above-mentioned disadvantage of purely translational tests. The final aim has
to be to test blocks in full consideration of their angular velocity.

e The guideline shall cover barriers with limit energy dissipation capacities from 100 to
more than 2.500 kJ.

* There will be no total energy given. The producer has to decide on the energies he
wants his system to be tested. Three different energy levels and their sequence are under
discussion: ,

1. Zero Maintenance Level (ZML) is characterized by the highest translational en-
ergy a barrier can dissipate without any plastic deformation.

2. Service Energy Level (SEL) is defined as the maximum translational energy a
barrier can repeatedly dissipate under the condition that the rock is stopped.

3. Maximum Energy Level (MEL) is the highest translational energy a barrier can
dissipate under the conditions that the rock is stopped (the system might loose its
ability to stop another block with the same or an even considerably lower energy).

Independent of the energy levels the tests will start with small blocks in the order of magni-
tude of the primary mesh size or even below proving that the system is able to stop these,
too.

One of the major questions being still under discussion is the definition of targets. An actual
proposition by the delegates of Austria, France and ltaly is shown by figure 2.
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Fig. 2: Targets according to an actual proposition of the Austrian, French and ltalian dele-
gates.
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The majority of the working group favors one test only of each kind with the same character-
istics, i.e. the same energy under the same angle of impact and at the same point of the net.
The resulting total number of tests would be four.

Assessment of the actual state: The actual proposal has some evident shortcomings.

The number of tests is much too small for any statistical evidence.

The proposed targets are not representative for the behavior of the system. They cannot
reveal weak areas.

The targets for the ZML and for the SEL 1 are identical whereas most of the area of the
net is not tested.

The definitions are qualitative. What does “no plastic deformation” mean in practice?
Only small energies will be dissipated by pure elastic or better reversible behavior. Re-
versible behavior includes not only linear (following HOOKE's law) and non- linear elon-
gation, but also friction due to relative displacement under normal stress. If one has ever
seen an impact on a modern ring net, there is a lot of reversible displacement between
the rings themselves and between the outer rows of rings and the suspension cables. In
the immediate impact area, rings may become deformed permanently to squares or
hexagons, depending on the number of neighbors, long before the brakes are activated.
These local plastic deformations do not affect the remaining limit energy dissipation as
long as no ring or cable brakes. By the way, the probability of a subsequent impact on
just the same point is very low. Additionally ropes may be plastically stretched to an ex-
tent being hardly measured and not being visually detected. The definitions must there-
fore be based on clearly observable phenomena; “gray zones” will generate clearance for
the assessment of test results and lead to disputes. The three energy levels have to be
correlated to the frequency of rockfall resp. to the return perlod and to the resulting de-
signh considerations to give them a practical relevance.

Alternative approach: These requirements lead to the following suggestions.

ZML represents the “daily events” with a return period up to one year. These events shall
not cause any maintenance cost. The necessary removal of accumulated rock is not
considered, because it does not depend on the barrier type.

SEL represents the events with a return period of less than or equal to10 years. To ac-
cept maintenance is reasonable from economical reasons. Otherwise, the system would
have to be over dimensioned. Because of that return period, being short in relation to the
proposed lifetime of the structure, the barrier must be able to withstand repeated impacts
with the SEL energy.

MEL stands for events with return periods of less than or equal to 100 years. The system
has to stop the block, the probability of a second one following in between the usual in-
spection period of less than 1 year, is very low. Thus, it is acceptable that the system
looses its ability to catch subsequent blocks. For real applications the MEL might be
combined with warning devices, indicating that certain important cables are broken.

Of course, it is up to the employer to decide for other return periods a design having to be
based on. The suggested definitions are as follows:

1.

Zero Maintenance Level (ZML) is characterized by the total energy a barrier can dissi-
pate without any broken parts, gaps in the net, and activation of brake elements. Visible
plastic deformation is allowed, if it is restricted to the immediate contact area between the
block and the net. In case of doubt, this area is assumed to half the surface area of the
block.

Service Energy Level (SEL) is defined as the total energy a barrier can dissipate in
three subsequent tests at the same point of impact and without any repairs between the
impacts under the condition that the rocks are stopped. Gaps are not tolerable; the re-
maining minimum height must be at least 2/3 of the original minimum height.



The restriction to thwo tests is necessary, because the SEL will be considerably higher
than the ZML and will activate the brake elements. The brake elements have a defined
maximum displacement. If this maximum is reached, the effect of the brakes is ex-
hausted. SEL will include in practice the replacement of activated brakes. Three tests
present a reasonable safety margin allowing two subsequent impacts between two in-
spections without creating a danger for the installation to be protected. Gaps would affect
the protective effect of the barrier, as would a further reduction of height. Of course, one
could discuss about a restriction to two tests and a remaining height of 50 %. To this
author’s opinion, it is the intention of these tests to come to safe designs and not to world
records in energy dissipation. The suggested numbers follow this aim.

Maximum Energy Level (MEL) is the highest total energy a barrier can dissipate under
the condition that the rock is stopped The system might have lost its ability to stop an-
other block with the same or an even considerably lower energy. Gaps and broken parts
are allowed. In practice, the system would have to be repaired or even replaced. With
this tests not only the limit energy dissipation shall be determined, but the maximum
elongation, too. There is a small uncertainty in the real maximum, because of the re-
quirement the block being stopped. If the energy is bigger than that value and the net
fails, the elongation might be greater.

All visible or measured changes after impact have to be described in a test report, being part
of the certification.
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The proposed targets are shown in figure 3. Hits on retaining cables and posts are con-
sidered a must in spite of the facts that posts require a high accuracy of hitting and bear-
ing the possibility of damaging the block. Because random factors shall be excluded, at
least two tests are necessary to come to reliable results; three tests would be desirable.
Two tests may be a compromise to be accepted from financial reasons. The more favor-
able test shall be neglected.

Fig. 3: Proposed targets according to this author’'s suggestion

As already discussed above a comparison between different systems without getting the
limit energy dissipation makes no sense. It is indispensable therefore to concentrate on
the weak points of a system. The strong ones are of no practical use in design. It will not
be necessary to test the weakest point of the system by the ZML, assuming that the
weakest point is either independent of the applied energy or that its identification is more
important for the SEL and for the MEL. This assumption reduces the number of tests
without having a decisive influence on safety.

To the opinion of this author, the sequence of tests must be as follows.

1.

SEL tests in the left lower and the left upper corner of the panel (or in the right corners,
but anyway in the corners on the same side). Additional tests on the foot and on the top



of a post as well as in the downhill third point of a retaining rope, as far as the system al-
lows for such hits. This are 2 x 5 = 10 tests. To reduce cost of testing the producer may
determine the sequence of the above mentioned tests, for example to start with the most
critical one and to interrupt the tests, if this one should fail.

2. ZML tests in the area proven as the weakest according to the previous test series. This
requires two tests.

3. MEL tests in the area proven as the weakest in the SEL tests. This requires two tests.
Additional two tests are necessary in the center of the barrier respectively in the area of
the maximum flexibility. This requires another two tests respectively a total of 2 x 2 = 4
tests.

The total of tests is 16, if the tests series is not interrupted because a test did not fulfill the
requirements.

If the system is over dimensioned in relation to the energy levels, the producer wants to have
it tested, it might be difficult to identify the weakest point of the structure. In this case, the test
engineer has to select the targets for ZML and MEL according to his experience with similar
systems and on the base of previous tests of the producer. He has to explain the reasons for
his decision as part of the certification.

In the case of a system having the posts and the retaining ropes on the downhill side of the
net, SEL tests can be reduced to the above-defined corners of the middle panel (near the
lower and the upper suspension rope), the zone with the highest flexibility and to the area,
where a post supports the net. If the neat between two panels is apart from the posts, 2 x 4 =
8 tests are necessary, otherwise only 2 x 3 = 6. If no weak point could be identified during
these tests, the test engineer shall decide on the targets for the ZML and MEL tests accord-
ing to his experience and on the base of previous tests executed by the producer. He has to
explain the reasons for his decision as part of the certification.

e Measuring program: Because the foundation conditions generally may be different from
those of the test site and the forces transferred to the ground are dependent on the sys-
tem a minimum approach is to measure the forces acting in the retaining ropes and in the
foundation of the posts. The producer is free to order additional measurements, for ex-
ample of the forces acting in the suspension ropes or / and in the posts.

¢ Repair of damages allowed: There is no repair of damages allowed during a test series
with the same characteristics. Between the series it is up to the producer whether he re-
pairs or replaces his system. If a system fails, the test has to be repeated.

¢ Rock removal after impact or accumulation allowed: The block is removed after each
test. The effect of accumulation is not tested.

e Tolerances: Of course there is a need to accept tolerances, for example in measuring
the weight of the block, its velocity and many geometrical data. These tolerances depend
on the accuracy of usual measuring procedures in construction and range between 3 and
5 % of the required value.
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¢ Institutions to carry out the tests and give the certifications: There will be a list estab-
lished by national authorities with those institutions to certify rockfall barriers according to
the above described regulations.

Conclusions

There is a need for harmonized tests not only in Europe, but also worldwide. A close interna-
tional cooperation especially with our American colleges would be very desirable. The deci-
sive points being still open are the basic tasks of the tests, the number of tests, the targets
and the definition of the behavior under these different energy levels.

From a scientific point of view, there are some key points to be considered:

e The number of tests with the characteristics, i.e. the same hit area and the same energy
must be at least 2, a statistically relevant number of at least 3 would be desirable.

o The most or the more favorable tests have to be neglected.

e The tests must give all data, the limit total energy dissipation capacity under different
practically relevant energy levels especially, being necessary to select systems for a safe
design.

¢ The tests must reveal the weak points of a system. Thus, all critical areas and parts have
to be tested. It would be not acceptable having systems granted a ETA respectively a
certification, if they were not tested under the most unfavorable conditions, for example if
it is not tested that the system will not collapse under a hit on one of the retaining cables
or a post.

¢ Economic reasons may be considered in defining the number of tests, but their influence
must stay secondary according to the rule: don’t compromise with safety.

Because the development of rockfall mitigation systems is rapid, the knowledge on the be-
havior of rockfall barriers is not developed to a general accepted state of the art, and a lot of
decisive questions are still scientifically unsolved, the intended guidelines will represent a first
step. An advanced version will be needed some years later, based on the experiences of the
beginning tests on the Swiss test installation at Walenstadt, too. In spite of that perspective, it
is urgent to finish this first approach to channel the actual development and to come to a de-
fined safety standard, even if some shortcomings will remain.
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ABSTRACT

Energized rockslide and rockfall detector fences were installed alongside Canadian
Pacific Railway tracks in northern Ontario, Canada in various locations during the late
1960s and early 1970s. They are designed to trigger train control signals if individual
wires on the fence are broken. One such fence was constructed at Red Rock; under a
rock bluff almost 150 feet high along the shoreline of Nipigon Bay, northern Lake
Superior. The fence included 2,830 feet of rockslide detector and 1,530 feet of rockfall

detector.

In late February 2001 an eastbound freight train derailed at Red Rock, demolishing about
90% of the installed slide fence. In the planning process to replace the protection to the
track provided by the fence, consideration was given to options other than rebuilding the
slide fence in its original form. A range of options was presented to management that
included sections of Brugg rockfall catchment fence, LockBlocks™, and traditional
warning fence.

The solution adopted by CPR was to install 630 feet of Brugg fence, 615 feet of double
LockBlock wall, to leave some sections of the rock face scaled but without additional
protection, and to reduce the rock fall detector fence from 1,530 feet to 404 feet. This
paper presents a case history of the derailment event, the investigation, the engineering
design and the installation of the new Red Rock track protection system.
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Introduction

The Trans-Canada railway line was completed by Canadian Pacific in northern Ontario in
May 1855 with a “last spike” hammered in at Jackfish along the north shore of Lake
Superior joining the two sections of track; one heading west from Montreal, the other
heading east from Winnipeg. The rail line follows the shoreline of Lake Superior over
certain sections of the territory, particularly where there would be significant elevation
gains required to drive the line inland. One such area is near Red Rock, on the western
shore of Nipigon Bay at the northernmost extent of Lake Superior. Rock bluffs rise to
more than 1,200 foot elevation, 600 feet above the lake, with sheer faces over 150 feet
high immediately adjacent to the track. At this location the tracks of Canadian National
Railway run to the east of the CP tracks, closer to the shoreline of Nipigon Bay.

In order to protect the track structure, the operations of trains and thus the security of the
investments of shareholders against delays and other detrimental impacts of rockfall
related activity, CPR decided to install a number of energized rockfall detector fences in
the 1960s and 1970s. At Red Rock, 2,830 feet of rock slide detector fence and 1,530 feet
of rockfall detector fence were installed in 1968 between Mileage 66.45 and 66.98 on the
Nipigon Subdivision of what was then the Algoma Division. The train derailment that
occurred on the 2™ of March 2001 destroyed approximately 90% of the detector fence
installation and CPR decided to investigate alternate solutions to protect their investment
in the aftermath of the derailment and to improve the protection against rockfall events.

This paper describes the Red Rock location geologically and geographically, reviews the
derailment event, discusses the follow up track engineering and rock engineering required
to rehabilitate the site, and comments on the construction of the new integrated Red Rock
track protection system.

Geology and geography

CPR’s mainline track in this area was driven through various parts of the Precambrian
Canadian Shield. In the very northern extent of Lake Superior, there is a dominant
sequence of diabase sills (1109 Ma) overlying flat-bedded sedimentary sequences (Sibley
Group) of the Mesoproterozoic with low-level metamorphism in the lowermost
greenschist and zeolite facies. The bluffs above the track are made up of thickly bedded
meta-sedimentary rocks, mostly iron-rich silty sandstones, overlain by the thickly flow-
banded diabase Nipigon sills’. The overlying sills have produced erosion-resistant rock
masses that present as flat-topped hills with pronounced sheer sidewalls. The underlying
metamorphosed sedimentary rock masses are locally preferentially eroded, leaving
overhangs of the more durable volcanics, but not in all cases. The rock masses are
predominantly massive, with limited natural jointing.

The north shore of Lake Superior has a number of very large bays that extend northwards
from the main body of the lake. They have been formed by the flooding of glacially
eroded valleys with northeast to southwest drainage patterns. The western margin of

! Ontario Geological Survey 1991. Bedrock geology of Ontario, west-central sheet; Ontario Geological
Survey, Map 2542, scale 1:1,000,000
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Nipigon Bay runs approximately north south over almost a mile underneath the bluffs of
sedimentary and mafic igneous rocks, as Nipigon Bay pinches into the Nipigon River, see
Photo 1.

Photo 1. 2" March 2001. Ice and snow cover Nipigon Bay and the Red Rock
bluffs looking north. The CPR track is to the left, and the CNR to the right. In the
distance the track curves around towards Nipigon at the mouth of the Nipigon River. The
remains of the detector fence can be seen at the bottom left of the photograph.

Recent history - 2"! March 2001 derailment

The rock masses making up the Red Rock bluffs have been responsible for a limited
number of rockfall events over the years, but enough for the railway company to decide
to install a warning fence system in the late 1960s. The energized fence concept is
designed to allow the railway signalling system to alert a train engineer that at least one
of the fence wires has been broken. This breaks the flow of current and causes the signal
to display a red light. The rail traffic coordinator can permit the train to proceed through
the “block” at reduced speed such that the train can be safely brought to a halt within the
sight distance ahead. Thus the train crew is not delayed unduly if the wires have been
broken by strong winds, trees, ice or other benign cause, but can stop in time to avoid a
train strike or derailment if there is a large rock on the track.

On the 2™ of May 2001, an eastbound grain and mixed goods train had a green signal and
was proceeding through Robford and past Red Rock on its way towards Nipigon. As it
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reached Mile 66.8 Nipigon Subdivision the third unit was reported to have “dropped a
wheel” and as the derailed train ground to a halt, 16 grain cars “concertinaed” into the
rock bluff, see photo 2.

Photo 2. Aerial view of the grain cars derailed into the bluff at Red Rock. Note
damage to CN track near standing pole and destruction of warning fence.

In doing so, both main lines of Canadian Pacific and Canadian National were taken out of
service, as well as the detector fence. The first order of business was to remove the
damaged rolling stock, rebuild the damaged track and ensure that the rock face was safe
for the resumed running of trains without the detector fence in operation. CPR employed
a 24-hour a day watchman to patrol the site until the new replacement system was
operational. The point of derailment was identified as being approximately Mile 66.8. It
was also noted that the lead units on the train that derailed were not affected by the
derailing mechanism, although one wheel of the third unit had dropped. It was reported
that the slide fence triggered within a number of seconds of the train passing by the slide
fence, although there is no evidence to indicate that the fence was triggered by falling
rock — it is quite likely to have been triggered by the derailing train. Most of the slide
fence had been removed during the clean-up operation and it was now possible to make a
detailed survey of the slope configuration without slide fence wires impeding the process.
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Site Inspection

The authors visited the site on 20™ March 2001 in order to review the rock engineering
aspects of the project and to recommend an appropriate course of action. At the time of
the site visit the derailment had been cleaned up and track panels had replaced the torn-up
track. The principal purpose of the rock engineering review of the slope was to
determine the suitability of installing energy absorbing catchment nets (Brugg fences
particularly) at the site to replace the existing rock detector fences installed in the late
1960s in order to provide appropriate protection against rockfalls. The signal maintainer
for the area was interviewed on site and he reported that there was only one location
where he recalled rockfall events to have occurred, although there were many locations
where ice was responsible for triggers.

To determine the design requirements of rockfall catchment nets, it was necessary to take
a series of slope measurements in order to estimate the energy generated during rockfall
events and to evaluate the rockfall potential — and thus hazard — associated with the steep
rock bluff at the site. At each 1/100™ mile station from 66.90 to 66.62 (as established
using a measuring wheel on the south rail from the Mile 67 board) the following
measurements were obtained:

e Distance from inside edge of north rail to rock face — equivalent to catchment
width, or ditch width. In some locations the rock face was overhung, and
estimates of the amount of overhang were made.

e Slope distance and slope angle from the outside of the south rail at an instrument
height (HI) of 5.9 feet to the crests of the various slope segments visible above the
track. The rock bluff is made up of a thick meta-sedimentary layer and two sub-
horizontal lava flows, each 30-50 feet thick. The different layers lead to
intermediate benches at different heights up the bluff and attempts were made to
identify and measure the locations of benches, where appropriate and possible.

e Brief comments regarding slope attributes were also recorded for each station.

At five (5) locations along the track, detailed cross sections were taken to assist in
developing rockfall simulation models that could be used to confirm the adequacy of
proposed catchment control devices. These sections were taken at Miles 66.84, 66.81,
66.79, 66,71 and 66.68. Further sections to the east were not considered necessary since
the crest of the bluff moves away from the track to the east of this location creating a
wider natural catchment area. Measurements were taken as follows:

e The offset from the toe of the slope was measured — the sections were all taken
from outside the east rail of the CNR track close to the crest of the small slope to
Nipigon Bay, 45 to 62 feet from the toe of the rock bluff. The distance from the
toe of the slope to the gauge of the CPR north rail was also measured.
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e The slope angle and slope distance to three to six points on the face were
measured using a laser range finder and a clinometer.

Rockfall zones

The rock mass in this area is made up of a series of sub-horizontal rock sequences, as
described above. There is a lower, meta-sedimentary sequence overlain by two major
igneous intrusive events that account for the 150-feet vertical section making up the rock
bluff to the west of the track.

The lower 1/3 of the bluff, the oldest, makes up the lower slope adjacent to the track
between 30 and 50 feet high. It is characterized by moderate weathering, blocky to
slabby structure, dark reddish grey to orangey red colour, fine grain size, medium
strength, and is a slightly metamorphosed silty sandstone. This portion of the rock mass
is susceptible to weathering and ravelling from differential erosion. The block size of the
loosened rock created is small to medium, generally in the 6” to one-foot size range. To
date there has been no evidence of a collapse of overhanging material, but this is cause
for some concern in the long-term.

The lower sill is characterized by slight weathering, blocky to columnar structure, greyish
red colour, fine grain size, it is a strong, igneous intrusive, diabase. This igneous flow is
made up of various bands of different character material that respond differentially to the
weathering influences at the site. It appears from aerial inspection that there have been a
number of rock fall events from this part of the geological section that have deposited
loose rock on an intermediate bench above the upper portion of the lower flow. This sill
appears to be the source of the majority of the rock fall material in recent years. In fact,
the signal maintainer reported that there is only one location along this stretch of slide
fence that generates rockfall triggers and that is at Mile 66.79, approximately 50 feet
above the track. All other triggers of the fence are due to ice, wind, trees, etc.

The upper sill is characterized as fresh to slightly weathered, massive to columnar, grey
to dark reddish grey, fine grained, strong to very strong, igneous intrusive, diabase. This
upper igneous flow appears to be tight with little evidence of local rockfall potential.
There are, however, some very large columns of rock that are detached from the main
bluff and standing vertically with little restraint. These were noted during the aerial
inspection and are scheduled for ground truthing when it is possible to get onto the slope
during the construction season with scalers. Although this upper flow accounts for the
surface of the bluff up to 150 feet above the track, it is not seen as a major threat to the
safe operation of the railway.

The track length below the rock bluff was divided into eight (8) zones, each with
reasonably distinct characteristics based mainly on slope geometry. The criteria used to
differentiate zones included: available ditch width, overall slope height and slope angle
relationship, presence or absence of intermediate benches and ‘launch’ features, block
size and shape of potentially unstable material, and weathering potential.
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Using the slope configurations measured at the time of the rock engineering site visit, a
number of ‘test sections’ were drawn up and simulated rockfall events were carried out.
Results of rockfall simulation tests (using the software package Rocfall; see Figure 1, for
example) showed that various rockfall events from the bench around 55 ft above the track
released 42 to 90 kJ of kinetic energy. Once this work had been completed a cost
analysis was carried out to compare the overall costs associated with different rock
engineering solutions.

Figure 1. Rocfall simulation a Mile 66.71 Nipigon Subdivision. 1000 rocks falling
from the upper bench using slope geometry from field survey and showing Brugg fence.

Final Design

The final design selected for protection of the track and safe train operations at the site
called for the following integrated catchment and detection system. The catchment
design incorporated a 110kJ (40 ft. ton) ring net, or Rocco, system designed by Geobrugg
where rockfall energies were considered significant and a LockBlock wall where lower
energies would be expected. A further site visit was undertaken in May 2001 to refine
and finalize the boundaries between the different components of the system.

All elements were designed to be installed a minimum distance of 10 feet from the
nearest rail.

The various location zones were based on the initial filed studies, with some
modifications to allow for operational constraints, fence panel sizes and the like.

Location Length Description
Zone 1 125 feet 2 high LockBlock™ wall — 49 blocks
Zone 2a 250 feet 10’ high Brugg fence — 10 panels 10°x20’, 2 panels 10°x25’
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Location Length Description

Zone 2b 264 feet CPR rockfall and rock slide detector fence

Zone 3 380 feet 10’ high Brugg fence — 19 panels 10°x20°, 20 posts 11’
Zone 4 140 feet CPR rockfall and rock slide detector fence

Zone Sa 120 feet Rock face, hand scaling required

Zone 5b 280 feet Rock face, no protection required

Zone 6 370 feet Rock face, no protection required

Zone 7 490 feet 2 high LockBlock™ wall — 195 blocks, 4-wire slide fence
Zone 8 280 feet 4-wire CPR rock slide detector fence

Construction

Initial hand scaling and some rock bolting work was carried out by one contractor in late
July 2001, followed by the installation of the various catchment and detection elements in
August through October 2001 by another contractor.

The construction work followed in a sequence that became established for the project.
The sequence was repeated for each zone although the final effect was quite different
from zone to zone.

Site Preparation — the area was cleaned out of all debris to the base of the rock face, this
included rock, overburden and railway materials left over from the derailment. Fibre
optic cables had also been installed adjacent to the track throughout the site; these had to
be carefully located to ensure that no damage took place. There were also a few strings
of rail that were to be removed before construction work was started.

Foundation Preparation — the area was marked for either posts (Brugg fence and CPR
detector fence areas) or for the footprint of the LockBlock walls, and trimmed to line and
grade as required. Templates were used to mark the outline of the Brugg fence posts,
which required 8-foot long vertical bolts to secure them. These were drilled using hand-
held plugger drills, and were grouted into place.

Erection — the Brugg fence posts or the CPR detector fence posts were then erected, see
Photo 3, and the LockBlocks installed, Photo 4. Once the posts were stabilized with guy
anchors and maintained in their vertical position, the Brugg fence panels were hung,
Photo 5, the detector fence wires were strung and once the LockBlocks were placed an
upper, 4-wire fence was installed in Zone 8.

Electrical Connection — the final component of the installation was to string power to
the CPR detector fences, through conduits where required across zones where the fence
was not active, and also through the Brugg fences. They were designed to allow the
signal wires to detect abnormal movement of the Brugg fence, so that if a significant
rockfall event were to take place that exceeded the energy absorption capacity of the net,
the signals would be tripped exactly the same way that would occur for a regular detector
fence.
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Photo 4. 2 block high LockBlock wall under construction at Zone 7
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Photo S. Brugg fence with net panels hung, preparing for final electrical
connection, 11 September 2001.

Clean Up - Prior to demobilization, the installing contractor removed all remnant debris
from the site and reinstated as much of the railway infrastructure as possible.

Costs

The following table, Table 1, gives the revised cost estimate for the innovative solution of
catchment and detection components. The original estimate to replace the detector fence
system was $392,832.00. The final solution was completed on time and within budget.

Conclusions

Following the derailment at the Red Rock bluff on 2™ March 2001 CPR elected to carry
out an engineering study to evaluate the track protection required along the length of the
100-150 foot high rock face. Careful assessment of the rock mass conditions in different
zones along the bluff allowed a variety of elements to be installed that would cater
directly to the style of rockfall hazard identified. The final solution replaced 2,830 feet of
rock slide detector fence and 1,530 feet of rockfall detector fence that had been installed
in 1968 with 630 feet of Brugg fence, 615 feet of double LockBlock wall and 404 feet of
rock slide and rockfall detector fence. Construction started with scaling and rock bolting
in August 2001 followed by fence and LockBlock wall construction in September
through October 2001. The final system was officially put into operation at 1330 hrs on
6" November 2001.
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Mile 66.8 Nipigon Sub. - Slide Fence Replacement Revised Cost Estimate 20/06/2001

Length Cost per ft.
Zone Location (ft) Description (Installed) Total
1 | M669-M66876 ! 126 5ft (2 high) lock block wall 80.00 $10,080.00

2a | M66.867-M 66.82 | 248 10ft.high Brugg rock catchment net 225.12 $55,829.76
2b | M66.382-M66.77 | 264 | Standard CPR Overhead 20 wire rock | 200.00 $52,800.00
fall fence with 12 wire slide fence
3 | M66.77-M66.70 | 380 10ft.high Brugg rock catchment net 234,13 $88,969.40

4 IM66.70 -M66.675] 140 | Standard CPR Overhead 20 wire rock |  200.00 $28,000.00
fall fence with 12 wire slide fence

S5a [M66.675 - M 66.665| 120 Scale only 50.00 $6,000.00
Sh | M66.665-M66.62| 280 No fence required 0.00 $0.00
6 | M66.62-M6655| 370 No fence required 0.00 $0.00

7 [M66.55-M66.458| 490 |5ft (2 high) lock block wall with 4 wire 95.00 $46,550.00
slide fence

8 |M66.458-M 66.405] 280 | Re-install existing 4 wire slide fence 20.00 $5,600.00
$288,229.16
Plus 10% contingency $28,822.92
GRAND TOTAL $317,052.08
Table 1. Revised costs estimates prior to construction of the fence system.

Cost savings of over $75,000.00 were realized compared to re-installing the original
detector fences and the final installation will be less demanding on the maintenance
budget by reducing spurious fence triggers. The outcome is a cost effective solution with
improved track safety. |
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ABSTRACT

US 60 was constructed in the 1930’s through a series of diabase dikes and sills that
outcrop in the Salt River Canyon, in Central Arizona. Spheroidal weathering in the
diabase has reduced much of the rock mass in the road cuts to core block boulders in a
weakly cemented, sandy matrix. In time periods ranging from 3 to 10 years, the matrix
ravels from the cut faces due to wetting and drying, freeze/thaw and weathering, which
de-couples large blocks, producing rockfall and landslide hazards, that require on-going
maintenance. Cut slopes for the highway range in height up to 200 feet.

At one location on the east side of the Canyon, there have been a series of rockfalls that
have blocked the highway. Attempts have been made in the past to mitigate the problem
by scaling the slope and, later, by covering the slope with mesh. These efforts
temporarily controlled hazardous rockfall from this slope. However, during the winter of
2000, a landslide destroyed the slope mesh and exposed a larger decomposed diabase
slope. After renewed rockfalls in early 2001, the Arizona Department of Transportation
(ADOT) decided to implement more substantial measures to mitigate the problem.

Preliminary designs were prepared for several options, each of which was evaluated on
the basis of cost, construction safety, impact on traffic, reduction of risk of future
rockfalls, and environmental impacts. The selected design involves realignment of a
portion of the highway, using conventional, cantilever retaining walls, creation of an
elevated rockfall catchment area with an MSE retaining wall, and erection of a GeoBrugg
rockfall containment fence at the top of the retaining wall.

INTRODUCTION

Approximately 125 east of Phoenix, Arizona, US 60 passes through the rugged Salt River
Canyon between the communities of Globe and Show Low (refer to the Arizona Project
Location map — Figure 1). At Milepost 295 a series of rockfalls, and landslides have
blocked the highway. The Arizona Department of Transportation (ADOT) has
implemented rockfall mitigation measures including slope scaling and wire meshing at
the site over the past several years. During the evening hours of November 7™ 2000 a
large mass of rock talus, colluvium and weathered bedrock detached from the region
directly above the highway in the vicinity of previously placed wire mesh (refer to Plate
1). The failure was apparently of a translational nature with the movement surface being
shallow and sub-parallel to the colluvium/bedrock contact. As this mass moved it
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dislodged the wire mesh, supporting cables, and anchors, transporting it en-mass down
slope to the highway. Removal of the failed material was complicated by the presence of
the mesh and cables (see Plate 2).

PLATEAU |

¢ FLAGSTAFF

PROJECT
AREA -

4,1,0
PHOENIX *

TUCSON ¢

PLATE 1. Draped Mesh on Slope Prior to November 2000 Failure
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PLATE 2. Failed Rock and Mesh in Highway Ditch

In response to the failure, ADOT immediately initiated an emergency rockfall-scaling
project and retained Golder Associates to commence a study of alternative stabilization
and rockfall mitigation measures for the site. In February 2001 and November 2001
additional scaling was carried, followed by construction of an elevated rockfall catchment
area with an MSE retaining wall and a GeoBrugg rockfall containment fence. This work
required minor realignment of the highway and was completed in April 2002.

Proiect History

This section of highway was constructed in 1934. Publications indicate that work was
initially advanced through the rugged country with, “sweat, muscle, steel and
dynamite”(Rath 1934). Approximately 120,000 pounds of high explosives are reported to
have been consumed in this section of the highway. After access was gained, heavy earth
moving equipment was employed to remove rock and build the highway embankments.
In the project area, the original as-built plans display, an 8-foot outside and a 16-ft inside
lane, at a 6% grade, with an especially detailed widened shoulder, cut into the toe of the
rock slope.

In the time period from 1940 through the early 1960s very little rockfall documentation,
has been discovered in the highway records, for this section of US 60. However, there are
indications of rockfall and landslide events in the state photographic archives and
maintenance workers recollections of car-sized boulders on the road from time to time.
Routine storm and rockfall patrols undoubtedly removed countless amounts of material
that was never completely documented. Shride, (1967) was the first to document the
accelerated deterioration of rock slopes in diabase materials in the vicinity.
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In the period from 1993 through the present, the site has received the attention of 5
separate rockfall mitigation projects. The focus of most of these efforts had been to
remove potentially unstable rock by scaling. However, each of these efforts led to
additional slope raveling and rockfall. In 1998-1999 a wire mesh drape was placed on the
slope to decelerate and redirect rock fall. This improvement failed during a high intensity
rainstorm on November 7”‘, 2000 when the fabric became overloaded with debris from a
landslide originating behind the fabric de-bonding anchors that were holding support
cables in place. (It should be noted that although the net was dislodged it still contained a
significant portion of the mass movement allowing maintenance workers to reopen the
road to traffic in a short period of time.) The latest efforts to control rockfall consist of
removing additional material and creating an elevated rock fall containment system at the
toe of the slope with independent access for rock removal. To date over 2.3 million
dollars have been spent to mitigate the rock fall hazard at this site.

GEOLOGY

Regional and Local Geology

The Salt River is the physiographic and political boundary between the San Carlos Indian
Reservation and the White River Apache Reservation and US 60 crosses from the south side
of the river to the north side of the river approximately 1 mile west of the rockfall site.
Upstream of the project area, the Salt River consists of “a drainage area of 864 square miles,
and delivers approximately 380,000 acre feet of water per year” to Roosevelt Lake. The
gradient of the Salt River varies from between 50 ft/mile (in the upper Canyon) to less than
10 ft/ mile (in the lower Canyon)” (Davis and Others 1981)

The Salt River Canyon is located approximately 30 miles north of Globe, in Gila County,
Arizona. This regional hydrographic feature extends approximately S0 miles in a northeast to
southwest direction in central Arizona’s Transition Zone, between the confluence of the
White and Black Rivers to the western shores of Roosevelt Lake. US 60 traverses the canyon
with a series of maximum grades and hairpin turns through extensive outcrops of Upper
Proterozoic clastic and igneous lithologies (refer to the Geology of Salt River Canyon map —
Figure 2). When first conceptualized, it was noted that in order to traverse the canyon, (a
horizontal distance of five miles), eleven miles of highway and approximately 3,000 feet in
elevation change, had to be overcome (1400ft. down, 1500 ft., up) (Jones, 1931).

The rock units in the project area have been assigned to the Apache Group, which consists of
five distinct formations. They are the Pioneer Shale, Dripping Springs Quartzite, Mescal
Limestone (with overlying basalt flows), Troy Quartzite, and Multiple Diabase Intrusive
Sills. “The sills are remarkably persistent. Some, only a foot thick, extend more than a mile
and several, a few hundred feet thick, extend at least 20 miles” (Shride, 1967).

The sedimentary formations exhibit numerous unconformable contacts between members of

differing depositional environment, degree of consolidation, and shear strength. The great age
of the materials has also exposed much of Apache Group to repetitive cycles of burial and
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exhumation, weathering cycles and tectonic stresses. Karstic features have also been
identified in the Mescal Limestone.

Mule Hoof
+ 4+ Monoclne

TYPICAL SECTION

FIGURE 2. Geology of Salt River Canyon

Diabase has selectively exploited the weakest zones and dilated parts of the Apache Group
with extensive sills, which make up a majority of the road cuts in the Salt River Canyon. .

Within the area of study, the Mescal Limestone is the host of a pronounced multiple sill
which has been described by Fouts (1974).

A large multiple sill is exposed in the walls of the Salt River Canyon near
Highway 77 (now US 60). The total exposed thickness of diabase of is
approximately 920 feet. The diabase overlies the Mescal limestone and in
turn is unconformably overlain by Devonian Martin Limestone. Thus an
unknown amount of diabase has been removed by erosion and the original
thickness of the complex is unknown. The upper 80 feet of the complex is
deeply weathered, apparently resulting from surficial exposure prior to
deposition of the Martin Formation. A short distance west of the highway
the diabase complex consists of at least two separate sills separated by a
thin sliver of Mescal Limestone that appears to be little disturbed. The
limestone pinches out toward the east so that the two sills are in contact,
forming a thick multiple sill. This contact is marked by a zone of fine-
grained diabase, presumably representing a chilled zone, and suggests that
the lower sill crystallized before the upper sill was emplaced. The lower

78



sill is approximately 670 feet thick and the remaining part of the upper sill
is about 250 feet thick.

Shride (1967) has given the classical petrographic description of Central Arizona diabase. A
few excerpts are included below. The diabase is a fine to coarse grained, medium to dark-
gray holocrystaline rock, of ophitic to sub ophitic texture. It weathers light olive green to
moderate yellowish brown and can be distinguished at a distance by the characteristic
greenish gray or olive gray hue of barren concave slopes. Polkilitic grains of pyroxene
characteristically protrude on weathered surfaces, which therefore appear knobby or warty.
Spheroidal weathering to rounded boulders is common. The rock disintegrates to a light
green or yellowish brown granular soil that commonly includes abundant kernels that also
represent ophitic aggregates.

Geologic Conditions that Contributed to the Rockfalls and Landslides

Weathered diabase is classically exposed on the lower half of the road cut at the site. The
spheroidal to warty textures and the deeply weathered condition, are probably the result of
numerous exhumations and reburial over the past 1.4 million years, although relic jointing
and blocky texture are apparent. The material easily yields to moderate hammer blows and
the elements. Generally, the rock quality of this lower portion of the sill is no more durable
than a residual soil. Shortly after being exposed to the elements the more durable portions of
the lower sill succumb to liesegang weathering and produces “nests” of core blocks diabase
material having a unit weight of approximately 190 Ibs per cubic foot.

Cliff-like erosion of resistant diabase makes up much of the upper half of the sill. This
material characteristically exhibits persistent, planar, vertical and transverse joints. The
condition of the upper sill varies somewhat with the height of the cut. There are zones of
resistant fractured rock cliffs and ledges (resembling basalt flows). There are also rock
materials, which appear to have deteriorated to saprolitized clay. In other places portions of
the lower sill appear to intercalate with the more durable rock material. Generally, the
weathering is so developed that disturbing material some ten feet away can dislodge the
resistant materials. The orientations of the joints in the resilient diabase are also adversely
oriented towards the highway. Consequently the slope can produce all manners of rock
failure, including block sliding, wedge, and toppling.

The top of the upper half of the sill is mantled with a clayey to sandy boulder colluvium that
is deposited on a bench formed between the top of the sill and the bottom of the overlying
sill. Angular rock material from overlying slopes accumulates in the form of talus on the
upper and side slopes adjacent to the resistant diabase. These materials are deposited at their
angle of repose and only a slight disturbance from wildlife, rainfall or freeze/thaw could send
a boulder hurtling down the 200-foot slope face of the landslide area.
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Modes of Failure

The lower part of the sill dislodges core blocks and differentially erodes much quicker than
the upper part of the sill. The upper portion of the sill is then undermined from the bottom
and susceptible to large block movement. Development of saporatic clay seams in the
adversely oriented joints reduces the cohesion, friction angle and joint roughness between
interlocking blocks. During high intensity rainstorms the joint spaces become conduits for
moisture that further reduce the strength characteristics of the clay seams. Consequently, as
the blocks loosen the overburden soils are disturbed. With enough material is disturbed and
the moisture content rises from rainfall, tension cracks form and the top of the slope fails as
rockfall or a landslide.

Additionally, the steeply developed colluvium and talus deposits concentrate moisture in the
upper slope soils and a temporary piezometric surface forms near the soil rock interface. As
these soils become saturated they fail as debris flows, removing the overburden, some talus
and portions of the upper sill block. The slope then resembles an inclined gullied surface that
is experiencing head ward erosion.

The recent failure of a rockfall mesh appears to have occurred when large, angular blocks
from the top of the sill were entangled in the mesh. These blocks did not drop to the
catchment ditch at the toe of the slope but were caught midway down. Subsequently,
additional material dislodged and was deposited on top of the large blocks during a torrential
rainstorm. At this time, the mesh was probably well strained. The rainstorm saturated the
upper slope. The resulting mass movement de-bonded the mesh anchors and over 200 yards
of rock materials dropped to the toe of the slope. It should be noted that the mesh retained a
great deal of the debris and allowed the highway to be open to traffic in a reasonable amount
of time. However, removing the rock material with the entwining mesh turned out to be a
very tedious and costly operation.

OPTIONS FOR MITIGATION

Figure 3 shows a cross section through the slide area following the rockfall in November
2000. At that time, there was a head scarp up to 20 feet high, which consisted of
colluvium and highly sheared diabase. There were several loose blocks of rock resting on
the slide surface. At about mid-level in the slope, and slightly below this, there were two
competent knobs of rock protruding a few feet out of the slope, as shown in Figure 3.
These competent knobs have the potential to act as launch ramps, which would throw
blocks of rock out onto the traveling surface. Colorado Rockfall Simulation Program
(CRSP) computer runs indicated that most rocks that start at the top of the slope would
hit these knobs and land on the traveling surface and destroy the Jersey barrier or the far
side guardrail.
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FIGURE 3. Cross Section of Slide Area

With the loose colluvium and sheared diabase in the head scarp and the loose blocks of
rock on the slope surface, it was considered unsafe to proceed with construction at
roadway level. Consequently, it was necessary to scale off much of the loose material
before starting construction. This scaling was done in two phases, in February 2001 and
in November 2001 by a team of high-scalers working from ropes attached at the top of the
slope. The scaling proceeded using half-hour traffic stoppages during normal daylight
working hours. The scaling significantly improved the immediate safety for construction
at the toe of the slide area. However, this could only be considered as a temporary
measure as further raveling can be expected due to weathering, freeze-thaw, wetting and
drying.

Several options were discussed and evaluated so that a preferred solution could be
selected on the basis of technical acceptability, minimum environmental and aesthetic
impact, minimum interference with traffic, and acceptable costs. Preliminary designs
were developed for the four most promising options, which are described below:

Option 1 - Road Realignment: The most obvious option was to realign the road by
moving it further away from the base of the rock slope to provide a wider catch ditch with
a rockfall catch fence. A cross-section of this option is shown in Figure 4. Shifting the
alignment would require the construction of the long MSE wall on the outer, or down
slope side, of the existing roadway. This option was rejected because the MSE wall did
not fit in with the aesthetics of the Canyon, because of disruptions to traffic, and because
it was difficult to satisfy stability criteria by imposing additional load at the top of the
existing slope at the shoulder of the road. In addition, the rockfall catch fence would
have to have a very high capacity to withstand the energy of the rockfalls.
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FIGURE 4. Mitigation Option 1 — Road Realignment

Option 2- Draped Cable Mesh and Rockfall Catch Fence: The CRSP analyses indicated
that it would be possible to reduce the bounce height and energy of falling rocks so they
could be stopped by a draped cable mesh near the bottom of the slope, and a rockfall
catch fence beside the highway. There are few projects where a draped cable mesh has
been installed and there is no accepted criterion for the design of these installations.
However, it was considered that a satisfactory design could be developed by strategically
locating draped cable mesh in the main chutes of the slope. This option is shown in
Figure 5. It was discarded because of aesthetic objections to the draped cable mesh and
the limited number of case histories of this type of installation.

Suspended Cable

Draped Mesh

Trim Blast Problem
Competent Rock Knobs to
Eliminate Rockfall Ramps

Rockfall
Catch Fence
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O Rockfall MSE Wall
Catchment Guard Rail
Us 60 *
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N

FIGURE 5. Mitigation Options 2 & 3 Draped Mesh, MSE Wall & Rockfall Fence
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Option 3- MSE Wall and Rockfall Catch Fence: The CRSP analyses indicated that 99
percent of the rockfalls could be arrested by constructing an MSE wall, an elevated catch
ditch and a rockfall catch fence at the base of the slope. Several options are available for
the height of the wall, the size of the catch ditch, and capacity of the rockfall catch fence.
A typical layout of this option is also shown in Figure 5. This option has several
attractive elements: the MSE wall can be of limited height (and hence will have low
visible impact), there is little disruption to traffic and the costs of this option are
moderate.

Option 4 — Rock Shed: An unusual, but potentially attractive option, evaluated
construction of a rockfall shed over the roadway, as shown in Figure 6. This option
would consist of pre-cast beams spanning the highway with the bridge decking and
granular fill above the beams. The beams would be supported on an MSE wall on the
rock slope side and columns on the downhill side. No lighting or ventilation would be
required, as the columns could be sufficiently far apart to avoid obstructing air flow and
light. While this option was attractive technically, its cost was somewhat higher than
other options. There were also some objections to the aesthetics of the rock shed in the
Salt River Canyon.

Granular Fill

Precast Beams

: :f x | |

SO0 4T MSE Wall |

SIS, (16" high) | i¢— Columns

g Traffic Envelope |

Existing Slope ~(16.5'x32") |
|

|

|

Backfill

Roadway |l‘

I

i) |
D)

FIGURE 6. Mitigation Option 4 — Rock Shed

Combinations of several of these four options were also studied and, on the basis of this
evaluation, a combination of Option 1 and Option 3 was selected as illustrated in Figure
7. Details of the selected design are given in the following section.

SELECTED DESIGN AND CONSTRUCTION

The results of CRSP analyses indicated that the combination of a 12 ft. wide catch ditch
on top of a 15 ft. high MSE wall and a 240 ft. long 10 ft. high GeoBrugg rockfall catch
fence with 350 ft. tons capacity would contain 99 % of the rockfalls from the slope. This
included rock particles up to 6.5-ft. average dimension. The design had to incorporate
provisions for maintenance equipment access and had to be aesthetically compatible with
the Canyon surroundings. The footprint of the MSE wall required slight realignment of
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the highway so two short 6 ft. high cast-in-place (CIP) retaining walls were required on
the downslope side of the highway. Equipment access was facilitated using earth ramps
at both ends of the MSE wall and the retaining wire ropes on the rockfall catch fence
were attached to drilled rock anchors using removable shackle connections. To minimize
loading on the face of the MSE wall from impact loads transmitted to the bases of the
columns supporting the catch fence, bottom-retaining wire ropes were also used. The
MSE wall was faced with textured shotcrete to meet aesthetic criteria.

High Capacity

Rockfall Fence 1

]

Ring Net ¥
\,
/

Chain Link Mesh /ﬂ.ta

Scaled Rock Face

Friction Broke

Retaining Ropes

Shackie
.Connection—

Textured, Colored
Shotcrete Facing ————=

Roadway M.S.E. Wall Catch Ditch

FIGURE 7. Selected As-Built Design

ADOT issued a competitive tender for the project and awarded the work to Stronghold
Contracting, Inc. of Phoenix, Arizona. Following completion of final scaling
construction of the downslope CIP walls was undertaken first to allow for rerouting of
traffic away from the base of the slope. SSL of Scotts Valley, California supplied the
selected MSE wall system. Brugg Cable Products of Lake Oswego, Oregon supplied the
rockfall catch fence.

All work on the project was completed in late April 2002.
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CORRIDOR H SECTION 16 FROM ELKINS TO KERENS
RANDOLPH COUNTY, WEST VIRGINIA
LANDSLIDES INVESTIGATION & CORRECTIVE MEASURES

James C. Fisher

West Virginia DOT
Abstract
In the 1960°s the Appalachian Regional Commission proposed a system of 26 highway
corridors that would foster and promote economic and social development throughout the
Appalachian Région.
In West Virginia the last Corridor to be constructed is Corridor H. A completed 40-mile
section extends from Weston to Elkins. The remaining 100-mile section would extend
from Elkins to the Virginia State Line. This section of the road crosses some of the most
rugged and environmentally sensitive areas of the state.
The focus of this paper is a 5.5-mile section of Corridor H that extends from Elkins to
Kerens and is scheduled to be completed in the spring of 2002. As the construction and
excavation progressed on this project, exposure of the rock units came in full view. The
exposed bedrock is of Devonian age and consisted of the Harrell Shale. The formation
consists of thinly bedded layers of gray black silty shales that are interbedded with lenses
of sandstone. The strike of the units is to the northeast and is dipping from 22 to 29
degrees to the southeast.
Five major landslides occurred during the excavation of the road cuts. All of the

landslides occurred on the western side of the road. The rock units on these cuts all dip

toward the roadway. As each landslide developed corrective designs were explored and
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ultimately initiated. The landslides greatly increased excavation quantities on the project,
which also increased accompanying cost overruns. The paper will review the preliminary
field investigation, landslide occurrences and corrective measures initiated.

Project History

The U.S. Congress passed the Appalachian Regional Development Act of 1965. The act
created the Appalachian Regional Commission as well as authorizing the creation of the
Appalachian Development Highway System. The Highway system was intended in .
conjunction with the Interstate system to grant access to the Appalachian States and
promote economic development. Included in this act was a vision to construct a series of
four lane highways through the area that were designated as Corridors, with a single letter
designation.

Corridor H in West Virginia is the only corridor in West Virginia that has not been
completed. The original scope of the project was to connect to Interstate 79 in Weston
and run east to west and intersect with I-81 in Virginia. Construction progressed on the
Corridor in the 1970’s and 1980°s between Weston and Buckhannon. A 6-mile section
was constructed during the 1970’s just to the east of Elkins. Due to envirnomental issues
and funding, no further construction was completed on the section between Elkins and
Buckhannon during the 1980’s. No action was taken on the section between Elkins and
the Virginia State Line. The portion of the Corridor between Elkins and Buckhannon
was completed during the 1990’s. In 1990 the project between Elkins and the Virginia
State Line was resurrected and a fresh approach to all routes was initiated All routes were
reevaluated, and a draft environmental impact statement was prepared. In 1996 after

several years of doing alignment studies and environmental impacts statements a revised
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route was settled on and a Record of Decision was issued on the preferred alignment.
Following the record of Decision, Corridor H Alternatives sued to stop construction.
After years of legal battles, an arbitration agreement was reached in February 2000, and

the project was given the green light to begin construction.
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Corridor H Route from Elkins to the Virginia State Line

Ten Sections agreed upon by WVDOT and Corridor H Alternatives

Dashed red line was the original southern route established during the 70”s
Elkins to Kerins Section
This section consists of a 5.5-mile section of four-lane highway consisting of nine bridges
and five box culverts. New cuts and fills are required. Excavation quantities will exceed
amounts needed to construct the fills, requiring disposal of the excess material in waste

sites. The new road roughly parallels US route 219.
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Geology

Most of the rocks in West Virginia are sedimentary deposits during the Paleozoic Era.
Movement of the earth’s tectonic plates, which caused episodes of mountain building
which with subsequent erosion and production of sediment, has shaped the geologic
landscape of the state.

The first of these mountain building episodes to effect West Virginia was the Taconic
Orogeny which formed mountains to the east of the state. These mountains were a source
of sediment during the Ordovician, Silurian and early Devonian periods. Highlands to
the northeast formed in the Acadian Orogeny were the source of clastic sediments in the
Middle and Late Devonian. These sediments formed the bedrock exposed within the
project limits.

The sea regressed toward the west at the end of the Devonian, and continental red beds
were deposited over most of the state. Once again the sea covered the state in the Middle
Mississippian.  During this time the Greenbrier group composed mostly of limestone
was deposited. This formation caps the mountains adjacent to the project.

The sea retreated again near the end of the Mississippian, and during the Pennsylvanian
West Virginia was low lying and swampy. During this time sediments of nonmarine
sandstones shales and coal were deposited.

During the Permian Period. Uplift of mountains began as a result of the Alleghenian
Orogeny, which was the prominent event for the formation of the Appalachian
Mountains. Folding and thrust faulting occurred in the eastern part of the state, which is
the corresponding location to the subject project. After the uplift of the Permian the area

was being eroded through the Triassic.
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In the late Jurassic another uplift occurred followed by erosion through the Cretaceous.
Yet another uplift occurred in the late Cretaceous or early Tertiary followed by erosion.
In late tertiary another uplift occurred which formed the fourth range of Mountains,
which is presently being eroded.

The forces that caused thrust and uplift were able to break the rocks in the project area.
This was due partly on account of proximity, and partly because the protective mantle of
the Pennsylvanian did not extend greatly southeastward, and the thrusts were able to act
on the area with great force. Further toward the west, increasing distance and the
innreasing protective Pennsylvanian mantle were able to reduce the effect of the great

uplifts.
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Geotechnical Investigation and Design

H.C. Nutting Company performed the subsurface/geotechnical investigation under
contract with De Leuw Cather and Company (the Consulting Engineer). H.C. Nutting’s
scope of services included; reconnaissance of the proposed alignment, evaluation of the
existing cut and fill slopes; logging of outcrops; a study of the published geologic data;
test boring inspection during drilling operations; preparation of the final boring logs for
laboratory evaluation and development of geotechnical recommendations for
embankment construction and cut slope design. Based on H.C. Nuttings investigation,
recommendations were made for constructing the embankments and cut slopes and
approved by the Department Review of exposed outcrops within the project limits
revealed both horizontal and folded units of siltstone shale and sandstone.

The bedrock in the rockslide area was of Devonian age and a member of the Harrell
Shale formation. The Strike and dip of the exposed folded bedrock was variable with
strikes occurring from the southwest to the northeast and dips of the units being very
variable between 20-80 degrees.

The roadway test boring program consisted of 355 test borings to investigate the
proposed alignment. Borings within the area of the slope failure consists of thinly
bedded layers of gray black silty shales that are interbedded with lenses of sandstone.
Core recovery was very good with values typically recovered above 80 %. However,
RQD values were very poor with a range of values between 5-50 %. Slikenslides were
noted on several of the borings.

As stated in the Geotechnical report “Slope Design of the main bedrock characteristics

considered in the design of cut slopes was the bedding plane orientation and bedding

91



thickness of the rock to be excavated. Steeper bedding planes characterized the first 60%
of the alignment and thus the cut slope design was more conservative for this section of
the project.” Backslope cuts were designed to be constructed on a slope ratio of 1:1.
This was judged to be adequate to accommodate the dipping bedrock. .

Construction

During the initial stages of construction, residual soils were being removed from the top
of the cuts and the bedrock was excavated to template, when project personnel noticed
tension cracks appearing in the excavated cut slopes. The central engineering office was
contacted to access the situation and recommend any necessary corrective measures.
Upon inspection it was apparent the original design could not be constructed as designed.
Landslide failures were becoming sequential, as each slope excavation began, so did the
landslide movement. Five different areas of excavation eventually experienced landslide
movement.

Bedrock was exposed on all of the failure surfaces. Slickenslides were prominent on
each exposed rock face. Dip measurements were made on the exposed rock faces and
found to be between 22-29 degrees. The bedrock was dipping toward the proposed
location of the new road. A corrective designed was prepared to reshape the slopes from
the original design ratio 1H: 1V to a ratio of 2H: 1V.

Excavation proceeded on the redesigned slope. Success was not achieved with the new
design, as excavation proceeded the slopes continued to fail. Another approach to
stabilize the slopes was necessary or an unknown amount of excavation and flattening of
the slope was going to be required to achieve a stabilized state.  Ultimately it was

decided to construct a buttress at the toe of the slopes.
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The buttress design was intended to stop further movement of the bedrock, and if further
movement occurred a bench constructed 50 ft. above the final road grade would catch the
sliding material. The slope ratio from the ditchline to the top of the bench was
constructed on a slope ratio of 1.5H: 1V. Excavated material from the cuts was used to
construct all of the buttresses. The material was reshaped and compacted to meet the
design requirements.

Four of the landslide areas were stabilized with the buttress design. (No. 2,3,4,5) One

slope (No. 1) was stabilized by excavating the slope using the original corrective design

of cutting the slope on a ratio of 2H: 1V

Plan View Location of The Landslides
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Site 4 Shortly After Major Movement Event

Summary

The original design anticipated excavating the folded and dipping bedrock. An attempt to
address this situation was made by flattening the back slopes. However inadequate this
design proved no one anticipated the magnitude of the failures, or the accompanying
excavation overruns. Excavation quant"ities due to the landslide movement were
1,318,215 cubic yards (1,007,848 cubic meters). Only after the excavation began
exposing the bedrock, did the unstable nature of the slopes become apparent. The limits
of core drilling information were exposed; that being the orientation of the road in

relation to dip direction of the bedrock; the variability of the dip angle; the orientation of
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the joint patterns that would be encountered. All of which would have been of great
service during the original design.

One factor thaf is rarely mentioned in dealing with landslides is the psychological
reaction to the failure. Zaruba and Mencl (1969) describe their view of this reaction as
follows: “Landslides are of serious concern to the persons involved; the intensity of the
natural phenomenon creates a depressive atmosphere and anxiety arises to whether the
collapsing slope can be stabilized at all. The question of guilt as to whether or not the
failure could have been prevented also arises” There is little doubt when viewihg these
landslide all of these feeling were expressed. If we are to learn from our mistakes then let
the record reflect that RQD and the relationship of the bedding and roadway grade need
further defining. The landslides greatly increased excavation quantities. “Feeling of
anger, helplessness and despair creep into the individual or colllectively creep into the
human phychic. The event must be viewed philosophically as a temporary set back that
should become a learning experience that is recorded and used to prevent a similar
situation in the future.”
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The deleterious character of highway runoff, especially following long periods without
precipitation, has been well documented in literature. It transports hydrocarbons, heavy metals, and
other contaminants from highways, contributing to the pollution of surface water and groundwater.
Groundwater is particularly vulnerable in karst areas where highway runoff is transferred quickly
into subsurface conduit networks through open sinkholes and/or sinking streams. The adverse
impact of highway runoff on karst aquifers is being addressed by P.E. LaMoreaux & Associates,
Inc. in a research project supported by the Federal Highway Administration (FHWA) and
Departments of Transportation (DOTS) in fifteen states. A major goal of this study is the
development of a practical peat filtration system for removal of highway runoff contaminants prior
to being transported into karst aquifers.

The study site is located at the 1-40/1-640 interchange in eastern Knoxville, Tennessee.
Approximately 86,000 vehicles pass through the interchange each day. After runoff drained into a
"new" sinkhole (repaired in 1988), the water passed through an "old" sinkhole, two small karst
windows and was discharged at a spring. The characteristics of the highway runoff and its impact
on the spring were investigated during a sampling event in 1996. The initial design of the peat
filtration system involved direct installation inside the "new" sinkhole, but this design was later
changed to a peat barrier system on the surface after the sinkhole was filled. In this new design,
runoff from approximately 60 acres flows through two rip-rap barriers, through gaps between
concrete barriers, into a shallow detention basin, and then into a sorption/filtration wall consisting
of gravel and peat. A by-pass channel allows only the first-flush of runoff to be treated. The
outflow channel of the filter system directs water into the "old" sinkhole, which was permitted as a
Class V Injection Well. Recent field tests indicate that the system can significantly decrease the
concentrations of analyzed constituents including PAHs (polyaromatic hydrocarbons), Copper, and
Zinc. Long-term monitoring is required to determine the true effectiveness of the designed
filtration system.
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EXCESSIVE DIFFERENTIAL SETTLEMENT IN THE NORTHERN NEVADA RAILROAD
UNDERCROSSING STRUCTURE AT U.S. HIGHWAY 50 NEAR ELY, NEVADA
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The redesign of US Highway 50 over the Northern Nevada Railroad involved replacement of the
42-year-old bridge structure over the Northern Nevada Railroad. This site is located west of Ely,
Nevada in a steep sided canyon, with an intermittent creek flowing west to east. The
construction of a new undercrossing (railroad tunnel) began in the Spring of 2000 and was
completed in the Fall of 2000. The structure was constructed as a three-sided concrete box,
supported on spread footings. It was built along the railroad alignment, beneath the existing four
span highway bridge. The new highway alignment was to cross over the tunnel on embankment
fill.

Construction on the project resumed in the Spring of 2001, and at that time, several problems
were evident. The interior of the tunnel exhibited signs of moisture along cracks in the roof
towards the west end. Subsequently, the embankment fill and moisture barrier was removed
from the top of the structure on that end. Following inspection, severe longitudinal cracking was
observed along the south side. Upon further inspection, the structure was found to have settled
approximately 14 inches at the northernmost corner.

A forensic study was ordered, and mitigation procedures began to be explored. Several factors
have become apparent regarding these problems; among them are: lack of adequate preliminary
geotechnical investigation, failure to utilize existing structure plans and site information, and
lack of communication between team members. Mitigation efforts, consisting of ground
modification utilizing pressure grouting, are ongoing at this time.
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Abstract

The Preacher Canyon Section of State Route 260 is an ADOT-owned highway located
approximately ten miles east of Payson, Arizona in a bedrock terrain. The two-lane highway
was reconstructed to a four-lane divided highway on undisturbed forest land, requiring 1.8
million cubic yards of rock excavation. A compound rockslide in granite occurred during
construction of a 170-foot deep roadway cut for the project. The compound slide consisted of an
initial steep wedge-type failure which then prompted planar movement toward the wedge failure
along an adjacent fault, ultimately resulting in a unique low-angle wedge failure in the weakened
rock mass. The slide included head crack development, slow creep-type movement extending to
within 25 feet of the toe, and internal cracking. Initially, remedial design of the original %H:1V
slope necessitated flattening the slope to 1-Y%4H:1V, de-energizing a critical 345-kV transmission
line serving the Phoenix area, removing and relocating an existing steel transmission line tower,
temporarily supporting the line on wood poles, and stabilizing the ground at the base of the poles
with rock anchors, as the failure projected to above the temporary poles. The design also
required construction of a rock-fall containment system to prevent rocks rolling from the
flattened slope onto the roadway. To retain the visual characteristics of the surrounding area, a
deepened cut ditch was installed in lieu of a rock-fall barrier. Continued creep movement of the
slide necessitated a final adjustment to the design to remove more head mass and additional
slope recontouring to mitigate further movement and reduce required future maintenance.

Introduction

The Preacher Canyon Section of State Route (SR) 260 is a 3.1-mile section of highway (MP 260
to 263.1) within mountainous bedrock terrain of the Tonto Natjonal Forest. SR 260 serves as a
major access route to recreational areas within the Tonto and Sitgreaves National Forests, as a
link between the Phoenix metro area and numerous small towns and communities northeast of
Payson, and as a connector route to I-40. A Design Concept Report (DCR) and Environmental
Impact Statement for the 50-mile long SR 260 corridor extending from Payson to Heber, Arizona
were completed in 1997 and 1999, respectively. The DCR identified the Preacher Canyon
Section as one of six projects along the existing route requiring realignment to an alternative
corridor that bypassed the existing two-lane roadway to upgrade roadway geometry, improve
operational characteristics and enhance highway user safety. The final design of the section was
completed in April 2000 and construction of the new four-lane, divided highway was completed
during 2000-2002. Key project features included new EB and WB bridges (600 to 850 feet in
length) across Preacher Canyon, EB and WB single-span wildlife crossing bridges to
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accommodate elk herds, and significant roadway cut and fill slopes, with maximum excavation
depths reaching 170 feet and embankment heights exceeding 50 feet.

During excavation of a 170-foot deep roadway cut slope just east of the Preacher Canyon
bridges, a compound rockslide in granite occurred in a portion of the %H:1V cut on the south
side of the EB roadway (Figure 1). The crest of this cut was located below a pair of steel lattice
towers supporting live Arizona Public Service (APS) 345-kV transmission lines that cross the
roadway alignment. Movement of the slide occurred initially as a steep wedge-type failure
followed by a shallower wedge along a fault and resulted in head cracks through the foundation
of one of the towers.

Investigation of the rockslide was completed and included identification and analysis of the
failure mode and remedial design of the cut slope. The objectives of this paper are to present
descriptions of the regional and site geology; roadway design development; details and analyses
of the slide failure mode; and descriptions of the slope failure, remedial designs and construction,
including stabilization and relocation of the lattice towers, analysis and design of a rock-fall
containment system.

Regional Geology

The Preacher Canyon Section lies in the Transition Zone Physiographic Province (TZP), which
represents a transition between the Basin and Range Province to the southwest and the Colorado
Plateau Province (CPP) to the northeast. The TZP is characterized by short block-faulted
mountain ranges separated by small intervening basins. The geology of this area is dominated by
bedrock conditions but varies significantly between the two provinces. The TZP is dominated by
igneous, metamorphic and deformed sedimentary and volcanic rocks mostly of Precambrian age,
and the CPP is dominated by a younger sequence of relatively flat-lying sedimentary rocks
primarily of Paleozoic age. The primary geologic units exposed in vicinity of the site include
Precambrian granite with lesser rhyolite, greenstone, and aplite and latite dikes. Precambrian
Matazal Quartzite, localized Paleozoic sedimentary rocks and local Tertiary to Quaternary
sedimentary deposits occur in the general area towards the northeast.

Site Geology

The site area is underlain by bedrock composed essentially of Precambrian granite,
predominantly with a medium-grained and equigranular texture. Locally, the granite has a
coarse-grained or slightly porphyritic texture. The rock is typically pinkish brown, although a
number of color variations exist, including light gray and light to medium brown. Light brown
aplite dikes locally cut the granite in the general area, have a fine-grained texture and are very
irregular in shape. Exposures of aplite dikes are abundant in cut slopes on the north side of SR
260, but generally are absent from south side cuts in the failure area. Very localized dark green
latite dikes also cut the granite in the area. Latite exposures have a fine-grained texture and
typically occur as thin elongated zones commonly along faults; the latite dikes are locally present
in the south cut, but typically absent in the north cut.

Exposures of granite typically are decomposed to highly weathered in the upper section of the
cuts, varying with depth from highly to moderately weathered with some slightly weathered
zones. The granite is moderately soft in more weathered zones to hard in less weathered zones.
The aplite dikes are less weathered and harder than the granite. The latite exposures typically are
moderately soft and highly weathered.
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The rock mass of the granite within the south cut is moderately to highly fractured, with very
close to moderately close joint spacings (typically from about 0.2 to 3.0 ft). Three primary joint
sets occur within the project area: Set 1 strikes at about N45E and dips northwest; Set 2 strikes
at about N6OW and dips to the northeast; and Set 3 strikes about N50E and dips to the southeast.
Also, a subordinate joint set with a north-south strike and a near-vertical dip is present. Several
minor shear zones or faults are also present within the project area. A larger shear zone bisects a
road cut on the north side of the highway just west of Preacher Canyon, strikes approximately
east-west and dips steeply to the north. A few faults are exposed in both the north and south cuts
of the failure area. The exposed faults, except for the large shear zone, vary considerably in
orientation across the site and represent edges or boundaries of numerous small rotational fault
blocks internal to the overall rockmass. As a result of the internal faulting and rotation, the
fractures comprising the rockmass fabric are moderately warped, curved and undulatory over
relatively short distances. Faults similarly are curved and warped and usually short features.
Thus, considerable variations of the primary fracture sets occur across the site and specific
fracture/fault orientations control slope performance. Descriptions of specific features associated
with the slope failure are presented in the following sections.

The fracture surfaces generally are stained to partially filled with reddish-brown clayey-silt and
commonly are slightly rough and wavy with step-like asperities up to 1 inch high. Occasional
smooth planar fractures also occur within the slope. Most fracture surfaces generally are
discontinuous and extend only 5 to 15 ft, and fractures commonly terminate at the intersection
with another set. However, occasional fractures extend for more than 40 ft in height, but are
commonly slightly curved.

Roadway Design Development

The two-lane highway was reconstructed on undisturbed forestland to a four-lane divided
roadway with independent horizontal and vertical alignments. Each roadway consists of two 12-
ft traveled lanes with 10-ft outside and 4-ft inside shoulders. The new roadway traversed the
mountainous bedrock terrain through a natural saddle to minimize both disturbance to forest land
and volume of excavation. The saddle was located approximately 280 ft north of the existing
APS 345 kV transmission towers. With these constraints in mind, the roadway was designed
with the maximum profile grade (6%) and minimum median width (43-ft) permitted by ADOT
design guidelines. The $20.4 million construction project included approximately 1,830,000 cy
of excavation and 1,470,000 cy of embankment. Approximately 340,000 cy of the 1,830,000 cy
was contained within the 800-ft long compound rockslide area.

Along the 800-ft segment of EB roadway, the horizontal alignment is curvilinear with a 2-degree
horizontal curve (radius of about 2,864 ft) and is super-elevated at a rate of 4.8%, sloped upward
toward the outside and positioned to fit within the established right-of-way. A 30-ft wide cut
ditch including a 6H:1V foreslope was designed on the outside shoulder to intercept potential
rock-fall from entering the roadway.

Description of Failure, Remedial Design & Construction

The south cut slope from EB Stations 518 to 526 initially was excavated at %H:1V. During
excavation, small wedge failures occurred at the east end of the cut near the original slope crest.
Inspection of the failure areas revealed variably shaped wedge failures, a variable degree of
weathering in the slope face and considerable undulation of the fractures comprising the
rockmass. Additional discontinuity data was collected across the remaining slope and the face
was monitored to evaluate potential for additional failures, particularly below the existing
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western transmission tower at EB Station 521+50. Measurements of fractures/faults were
collected as sets in real space across the slope face, since with the warped orientations, only sets
that truly intersect and occur together in space could form wedges. The data indicated a
relatively steep wedge directly below the tower. Excavation of the next lift exposed the toe of a
steep wedge terminated on a fault, and movement at the toe initiated a slope failure. Granite
exposed in the slope at the wedge toe was very closely fractured and broken, likely the result of
previous shearing along the fault forming the wedge bottom.

Figure 2 depicts the stereographic solution for the steep wedge in the south cut. Five
discontinuities are plotted on the figure; however, Sets 2, 3 and 5 represent undulations of the
same set. The plunge in the line of the two intersecting planes represents the wedges varying
from 40 to 44 degrees and each intersection falls within the critical zone (area between the
7:H:1V slope plane and a 30-degree friction angle). Movement at the toe caused sliding of the
mass and tension cracks to form above the crest of the %H:1V slope and between the legs of the
western transmission tower. Slow creep-type movement ensued, with separation at the head
scarp crack exceeding one foot, and less vertical displacement. Movement within the steep
wedge subsequently triggered movement along the adjacent fault (termed the west fault),
producing a compound wedge failure at a shallower orientation than the first wedge. The west
fault strikes nearly perpendicular to the slope and variably dips to the east. The shallower wedge
failure is bounded on the west by the fault and on the east by a primary fracture set with
numerous curved splays discontinuous in the upslope direction. Figure 3 presents a stereonet
plot of the fault and primary fracture set, and includes two orientations for the west fault, as the
fault surface warps to a flatter orientation toward the toe of the failure. The fault dips at about 46
degrees (from horizontal), flattening to 39 degrees at the toe. As shown on the plot, the line of
intersection of the two planes (west fault and primary fracture set) defining the wedge plunges to
the northeast at 24 to 32 degrees. Previous measurements indicated an even flatter plunge of
about 18 to 24 degrees. Based on an assumed friction angle (shear strength) of 30 degrees,
movement of the wedge should only occur at the steepest plunge angle and not at the toe.
However, compound movement of the slide, first along the steep wedge and then down the fault,
likely produced a reduced (~residual strength) friction angle and continued movement at the
flatter angle. The west fault is well defined, but the east boundary fracture is poorly defined.
Further, most of the movement was associated with the west fault, and sliding appeared to be on
a relatively flat surface.

Slope Flattening

Figure 4 is a photograph of the %H:1V slope face with faults, extent of the failure zone and the
relative direction of sliding of the mass indicated. Response to occurrence of the slope failure
was to redesign the slope to 1"4H:1V to remove the mass of the steep failure and some of the
mass above the fault. The entire mass above the fault was not removed, due to the fault
orientation (nearly perpendicular to slope face). Also, lines of intersection of the fault with other
primary fractures plunged at angles very close to the 14H:1V slope, or less than the presumed
30-degree friction angle for fracture/fault surfaces. A rough outline of the compound failure
zone and the new cut slope is shown on Figure 5. The entirety of the new slope was not
constructed at 1/4H:1V, but rather varied from 1H:1V to 1%4H:1V. The upper two-thirds of the
slope were close to 1/4H:1V, with some areas approaching 1H:1V, and the lower one-third was
predominantly 1H:1V. Additional movement during reconstruction of the slide created cracks at
the crest and small slumps in the upper slope.

Tower Relocation
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The existing western tower, located just above the crest of the original slope, was temporarily
relocated (by APS) to just behind the crest of the new 1%4H:1V slope. The temporary tower was
constructed of wood poles until a new steel tower could be sited, designed and constructed by
APS after the peak summer power demand period had passed. Due to the limited length of
available wood poles, the temporary poles were located only 45 to 50 ft upslope of the slope
crest and 50 ft above the head scarp of the failure.

Rock Anchor Installation

As the entirety of the failure zone was not removed from the 1/4H:1V slope, rock anchors were
installed between the slope crest, the temporary western tower and the adjacent eastern
permanent steel tower to ensure stability of the ground supporting the towers. Excavation below
the temporary tower was halted until the rock anchors were installed and tensioned. Three rows
of 8 rock anchors (epoxy-coated Grade 150 threadbar anchored in cement grout, tensioned to 75
kips and locked-off) extending to depths of 50 to 55 ft and inclined toward the towers at 35 to 50
degrees from the horizontal were installed. Five anchors at each tower site initially were grouted
only in the bond length and proof-tested to 133 percent of the design (lock-off) load. Anchor
depths were staggered to avoid formation of a weakened plane at the anchor tips. Subsequent to
tensioning, the anchor head assemblies were painted with epoxy paint and buried.

Additional Excavation

After installation of rock anchors, additional excavation proceeded to remove more of the
disturbed mass and further relieve the slide head. The flattened upper half of the slope yielded a
slightly bowl-shaped surface with a nominal 35-degree slope face (less steep than 1YH:1V).
After excavation of the bowl, visible movement in the slope was not evident for a couple of
months and the slope appeared stable. Following the approximate two-month period, renewed
movement occurred in the slope. Cracks up to one foot wide opened at the crest and movement
occurred along the west fault extending down into the 1H:1V lower slope. The toe of the wedge
failure propagated approximately 25 ft above the toe of the slope.

The creep rate of the slide was very slow; approximate rates of movement within the flattened
slope (measured at the toe) are as follows:

Rate of Movement Rate of Movement
Cumulative Offset Since Previous Cumulative Offset Since Previous
Across East Fracture Measurement Across West Fault Measurement
Date (inches) (inches/day) (inches) (inches/day)

8-16-01 Set Reference Marks N/A N/A N/A
8-19-01 0 0 0 0
8-31-01 0 0 0.25 0.02
9-19-01 0.38 0.02 1.44 0.06
10-7-01 0.44 0.003 1.75 0.003
10-16-01 0.50 0.007 1.75 0

Offset measurements across the west fault at the slope crest were made for the period of 9-19-01
to 10-16-01; total offset was 0.88 inches (rate of 0.03 inches/day) for the period. Movement at
the slide head exceeded that at the toe (as indicated above) for the same period. Cracks up to 8
inches wide and 40 inches deep exposed in the steeper, lower section of the slope (just below the
base of the bowl) also indicated movement of toe of the slide mass independent from the head. It
appeared that initially the toe moved away from the head, creating the mid-slope cracks and
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separation, followed by movement of the head mass, closing the cracks. This creep-type
movement is a product of the mass sliding on a relatively flat failure surface.

Final Stabilization

Upon installation of the new west tower and removal of the temporary tower in October 2001,
additional stabilization of the slope proceeded with eastbound traffic confined to the inside lane
of the eastbound roadway. Based on the geometry of the slope, the projected intersection of the
controlling east fracture and the west fault, and the measured rate of movement, further
stabilization of the slope was required to minimize future maintenance needs. This was
accomplished through excavation and removal of primarily the upper portion of the slide, with
slight flattening in the lower slope, to unload the head of the slide, and reduce the risk of future
movement. The sides of the new excavation surface were designed at approximately TH:1V in a
V-shaped configuration to grade to drain primarily toward the roadway and below the west fault.
The western side of the excavation was designed to parallel the west fault, but advanced below
the fault to effectively remove the slide mass above the fault and the weakened zone along the
fault. The eastern side approximately corresponds to the eastern edge of the bowl area, with the
crest no closer than 75 ft to the east tower. Excavation slopes were warped and rounded to blend
in with the current slope face at an angle flatter than 1H:1V. During final stabilization and
construction, removal of a wider zone in the upper section of the slope was performed to
facilitate equipment access to the notch; this resulted in more of an L-shaped surface. The rock
anchors were de-tensioned, cut and removed as excavation progressed; however, the rock
anchors installed in front of the permanent steel (east) tower remain in-place. Figure 6 depicts
the remedial excavation to further remove the head mass of the fault. Figures 7 and 8 present
cross sections of the repair, and Figure 9 is a view of the final slope repair.

Rock-fall Containment

Initially, rock-fall containment characteristics of alternative ditch widths and foreslopes were
analyzed to establish the ditch configuration which would best minimize rocks from rolling onto
the roadway from the 1%4H:1V slope. Simulated rock-fall trajectories for 12 geometric cases
were completed using the Colorado Rock-fall Similation Program (CRSP) Version 3.0 .
Conservative conditions determined from previous runs were used in the simulations and
included 1.5-ft diameter rocks on a relatively smooth slope. The model was completed for 30-,
40- and 50-ft wide ditches, 50- to 200-ft high slopes, and 3H:1V and 4H:1V foreslopes.

As a result of the modeling, fifteen of 100 rocks from the 200-ft high slope with the 50-ft wide
3H:1V ditch reached the roadway with a 4.4-ft maximum bounce height. For lesser height
slopes, progressively fewer rocks reached the road. However, as a significant portion of the
constructed slope height is over 150 ft, the analyzed geometry still possessed a high risk to road
users without rock fall hazard mitigation. Additional analysis using the CRSP model produced a
tentative recommendation of a 1Y4H:1V cut slope and provision of a 4-ft high rock-fall barrier.

Several alternatives were considered from a highway geometric point of view, and due to the
position of the EB and WB roadway alignments, the only viable solution was to provide rock-fall
mitigation in the area between the edge of the roadway and the cut slope. The project team met
and discussed various alternatives for rock-fall hazard mitigation. Initially, a conclusion as to the
best-fit solution, considering engineering design, cost of treatment and visual aesthetic impacts,
was not reached. However, it was generally agreed that a temporary treatment was required to
protect road users as the roadway was open to traffic. A deepened cut ditch was provided with
geometric features that contained rock-fall having a 4-ft bounce height.
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Four alternative rock-fall mitigation barrier systems were analyzed (shown in Figure 10) and
presented to the team, including:

1) Low-impact containment fence directly behind new guardrail - (estimated construction
cost of $95,000)

2) 32-inch to 42-inch high concrete barrier with a 12-inch or 18-inch high chain link fence
on top - (estimated construction cost $95,000)

3) 20-ft high retaining wall with a 4-ft high low-impact rock-fall containment fence on top
of the retaining wall — (estimated construction cost $610,000)

4) Modified cut ditch directly behind new guard rail — (estimated construction cost $25,000)

Rock-fall Mitigation Barrier System (4) was recommended by the design team and selected by
ADOT due to minimal visual impact, provision of easy access for snow removal from the
roadway, and lowest cost. Dumped rip-rap dikes were also added to provide mitigation against
high drainage flows along the 6% longitudinal grade of the ditch.

Conclusions & Acknowledgements

The compound failure consisting of multiple direction of movement of the slide mass was
controlled by a few select fractures and one fault in a warped and block-faulted rock mass.
Predictability of the failure was difficult due to variability of discontinuity orientations across the
slope in the warped rock mass and a few specific controlling features. Adjustments in design to
stabilize the slope and accommodate a revised slope angle which promotes more rock-falls than
the original steeper slope were required as construction progressed. Visual impacts and
consideration for maintenance of transmission towers were considered in the adjusted designs as
the project progressed. Upon completion of final stabilization and rock-fall containment system
work, both lanes of eastbound traffic were restored. Monitoring of the slope continued and no
additional slope creep or cracking has been identified to date. As a result of early failure
detection and prompt remedial design, SR 260 highway users travel more safely.

The authors gratefully acknowledge the assistance of the project team members, including
Myron Robison, Bill Pearson, and Jim Wieler of ADOT Payson Construction District, John
Lawson, Doug Alexander and Bill Hurguy of ADOT Materials Group - Geotechnical Design
Section, and Terry Brennan and Robert Ingram of the Tonto National Forest.
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Emergency Rock Slope Remediation at “Deadman’s Curve”
in Pinkham’s Grant, New Hampshire

Richard Lane, PG and Marc Fish, CPG
Engineering Geologists
Bureau of Materials & Research, Geotechnical Section
New Hampshire Department of Transportation

ABSTRACT

During the spring of 1999, rock fall from a large rock cut landed on N.H. Route 16 in
Pinkham’s Grant, New Hampshire. The site is located at the base of Mt. Washington in the
White Mountain National Forest. The 110 foot high rock slope is carved into the valley wall
along the inside of a sharp curve in the road. On the opposite side of the road there is a steep
rock fill embankment slope, which drops 200 feet in elevation to the Ellis River. Rock fall has
consisted of blocks ranging from 1 to 6 feet in diameter. Further instability in the rock slope
posed an imminent hazard to motorists, prompting the New Hampshire Department of
Transportation to temporarily close one lane of the road and erect jersey barriers to keep falling
rock from hitting vehicles.

An emergency project was undertaken for remediation of the rock slope. The work
included closing a section of N.H. Route. 16 for approximately 2 months, the construction of a
0.8 mile long temporary detour road, removal of 122,000 cubic yards of rock, construction of a
rock fall catchment area with energy absorbing stone and the installation of prestressed rock
anchors. Work started on August 10, 1999 with a deadline of October 1, 1999 to complete the
rock removal and to open N.H. Route 16.

The challenges were formidable which included limiting impact to the U.S. Forest Service
Land, keeping rock out of the Ellis River, not disturbing environmentally sensitive areas and
completing the work in a very short time period without disrupting traffic.

INTRODUCTION

During the first week of April 1999 several rock fall events occurred at a rock cut along
N.H. Route 16 in Pinkham Notch. The site is located approximately 11.0 miles north of Bartlett,
N H. in the White Mountain National Forest just below Tuckerman’s Ravine at the base of
Mt Washington (Figure 1).
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Figure 1. Location map. Figure 2. Existing unstable rock slope.

The rock fall occurred over several days during a very active period of freeze-thaw and consisted
of fragments ranging in size from 1 to 6 feet in diameter. Most of the falling rock and debris
landed in the roadway. An immediate field inspection of the rock slope noted unstable
overhangs, numerous detached blocks and slabs, and highly weathered and fractured sections
(Figure 2). Many of the potentially unstable sections appeared to be in imminent danger of
falling. The hazardous conditions prompted the New Hampshire Department of Transportation
(NHDOT) to close the lane adjacent to the rock cut and to temporarily erect portable concrete
jersey barriers to protect vehicles. An evaluation of the site was completed and remedial
measures were developed to restore full use of the roadway.

GEOLOGY AND SITE CONDITIONS

The bedrock consists of metasedimentary and metavolcanics of the Littleton, Madrid and
Small Falls Formations. The exposed bedrock is weakly foliated schist with intrusions of
pegmatite on the south end and transitions into coarse, grained granite on the north end. Large
clusters of quartz crystals occur in cavities and pockets along quartz veins. The rock slope is
extremely ragged with numerous large overhanging blocks and slabs. Many of the larger slabs
and unstable blocks dip toward the road and are located on the southern end of the rock cut.
There are weathered pockets and seams scattered throughout the rock cut and several long
continuous fault planes with rock gouge infilling. There is continuous seepage of water from
many of the open joints and fractures. Heavy ice build-up on the rock face is common during the
winter months. Roots from small trees and bushes have grown into many of the open cracks
along the crest and on the rock face. The ground immediately above the highest portion of the
rock slope rises to a narrow hump and then drops down in elevation behind the rock cut to where
the terrain levels off for a distance.

The overlying soil above the rock slope is a glacial till deposit with numerous boulders.
There are sections of the soil slope above the rock face that have sloughed 3 to 4 feet and have
open scars with exposed earth and unstable boulders. Much of the soil slope is wet with signs of
long-term creep and old localized failure scars.
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HISTORY

N.H. Route 16 hugs a steep valley wall, which runs through rugged terrain at the base of
Mt. Washington, the highest peak in the northeastern United States. The rock slope is located on
the inside of a sharp curve on a hill with poor site distance. The existing rock slope reaches a
maximum of 110 feet in height and is approximately 1000 feet in length. The existing roadway
alignment and rock slope were constructed during the early 1960’s. The rock is immediately
adjacent to the edge of the road with no ditch along the toe of the cut (Figure 3). On the east side
of the road (outside edge of curve) there is a steep rock fill embankment slope that drops 200 feet
in elevation to the Ellis River. The rock fill embankment slope ranges between 1.25H:1V to
1H:1V. There is a paved shoulder and parking area on the outside of the curve, which has settled
an estimated 2 to 3 feet since construction. The existing cable guard-rail was leaning down
slope. The high steep embankment fill was most likely constructed with large pieces of blasted
rock from the original rock cut and was probably not adequately chinked with smaller rock
fragments, resulting in numerous voids.

Figure 3. Existing narrow ditch on inside of curve.

In recent years this rock cut has been an active site for rock fall. Falling rock fragments
have ranged from 1 to 6 feet in diameter. The overall condition of this rock cut has been
deteriorating at an accelerated rate over the past three years.

DATA COLLECTION AND ANALYSIS

The structural features (joints, foliation, faults, etc.) in the rock were mapped and were
graphically presented with sterographic projection methods. The patterns of these features and
the resulting potential stability problems were evaluated. The primary structural features strike
north-northwest and dip west to southwest, and strike northeast and dip southwest. The
structural features exposed in the rock slope consisted of the following:

¢ Short discontinuous joints that dip toward the road
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¢ Long continuous joints that are oriented diagonal to the road
e A fault surface oriented diagonal to the road
e Joints that dip into the rock slope away from the road

Short discontinuous joints dipping toward the road may result in localized rock fall, but are
not likely to cause a large-scale slope failure. In many instances, joints that dip toward the road
combine with joints dipping into the rock slope, causing dangerous overhangs. Combinations of
intersecting structural features form numerous potentially unstable blocks, wedges and slabs
throughout the rock cut. In addition, some of the joints have soil and weathered rock infilling,
which significantly decreases the strength along rock surfaces. The presence of abundant
groundwater in the rock slope reduces the shear strength of the potential failure surfaces,
increases the forces that induce sliding, and accelerates weathering. The freezing of the
groundwater causes frost pry and blocks the drainage paths which leads to increased water
pressure within the slope. In summary, the most common instabilities at this site are the failure
of isolated blocks and slabs, and differential weathering.

The investigation identified several factors that contributed to the instability of the rock
slope at this site.

Freeze-thaw action

Extensive seepage of groundwater from both the rock slope and the overlying soil
Tree roots extending into cracks and prying loose rock fragments

Differential weathering

Adverse orientation of structural features in the rock

Uncontrolled blasting, which resulted in an irregular rock slope with a shattered rock
face

It became evident that any remedial work at this site could not be completed within
the required time frame without closing this section of N.H. Route 16. This road is a major
commercial truck route and the only road for tourist and local commuters from the
Conway/Bartlett area to Gorham. The only existing detour would be to re-route traffic for an
additional 30 to 40 miles through Crawford Notch further to the northwest. This would not only
cause considerable delay, but would impose regional economic burdens and would drastically
increase traffic on several other routes.

A portion of the abandoned roadbed for the old highway through Pinkham Notch, last used
in 1930, runs further to the west and at a higher elevation than the existing road. This abandoned
alignment begins in the vicinity of the Glen Ellis Falls parking area (0.3 of a mile north of the
rock slope), runs in a southerly direction behind the existing rock cut, continues south on a steep
downgrade (14% grade) and then joins the existing N.H. Route 16 near a stream crossing.
Exposed bedrock, numerous boulders and generally wet conditions were encountered along the
abandoned alignment. The old highway is approximately the width of a single travel lane. Small
trees and bushes were so thick in some areas that it was difficult to follow the roadbed of
abandoned road.
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After conducting a title search on the abandoned alignment, the Department discovered that
ownership of the old highway was never transferred to the U.S. Forest Service. Although a
technicality, this helped in obtaining permission to use the abandoned alignment as a temporary
detour during construction. Since existing plans and survey were not available, a Global
Positioning System (GPS) was utilized to map the location of the abandoned alignment. A laser
profiler was used to accurately measure the height of the existing cut and to profile the rock
slope in critical areas. This information was valuable in the initial planning and design phase,
and was critical in meeting the deadlines for this emergency project.

SELECTION OF REMEDIATION MEASURES

The U.S. Forest Service, environmental agencies, local towns and the NHDOT together
formulated the criteria for selecting an appropriate stabilization method(s) for this rock slope.
The selected remediation measures and method of construction had to meet the following
requirements:

The solution(s) must provide long-term safety for the traveling public

Only minor traffic delays with no additional travel time are acceptable

Permanent roadway alignment changes for N.H. Route 16 are not allowed

The existing N.H. Route 16 roadway must reopen for traffic no later than the first
week of October 1999

Rock and debris from the construction activities are not allowed in the Ellis River
e Adversely impacting the U.S. Forest Service Land is unacceptable

Several alternative stabilization methods were considered.

1. Extensive scaling to remove unstable rock was an option, but it would only be a temporary
and partial solution. Many of the larger unstable blocks could not be removed with this
method, making it marginally effective. This type of operation would be dangerous, due
to the difficult access, the height of the rock slope and the risk to the traffic below.

‘2. Measures to control and contain rock fall were investigated. Intercepting and directing
rock fall with wire mesh netting, cable mesh netting or a ring net draped over the slope
would not be practical. The maximum potential size of individual falling rocks was
estimated to be 15 feet in diameter. Wire mesh or cable mesh nettings are not able to
handle rocks of this size and there is inadequate room for rock to accumulate at the toe of
slope. The embankment slope on the other side of the road is both high and steep. This
prevents the road from being shifted further away from the unstable rock slope so a rock
fall catchment area can be created.

3. Rock anchors or rock bolts could be used to support some individual blocks and reinforce
portions of the rock mass. Many of the blocks and slabs at this site have become detached
and are not stable enough to drill. Rock anchors or bolts alone would not be able to secure
all the potentially unstable rock. Some areas of the rock slope cannot be reinforced due to
the active “ice jacking” and rapid differential weathering.
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4. Protection measures such as barriers and rock fall fences constructed along the toe of the
rock slope were not considered feasible. Room at the toe of the rock slope is inadequate
and the maximum size of the falling rocks is too large. Rock fall modeling at this site
predicted a high percentage of falling rocks bouncing over the top of a barrier or fence.

5. The feasibility of constructing a rock shed over the highway was studied. The cost of
construction for this protective measure would be significant. It would require the
installation of an anchorage system into unstable rock on the upslope side and the founding
of deep columns on sound rock on the down slope side. The columns would have to be
drilled through a rock fill of unknown depth. The roof of the rock shed would be inclined
so the rocks would roll across the shed with minimum impact. The falling rock would
likely be redirected down the steep embankment slope and into the Ellis River. This was
not acceptable.

The selected remediation was to cut the rock slope further back from the road and to
provide a catchment area for any future rock fall. It was recommended that the southern half
(highest section of the rock cut) of the rock slope be excavated in two lifts, so the hump at the
top of the slope could be eliminated. The upper lift was to be excavated on a 1H:8V presplit
slope, resulting in a rock face of approximately 20 feet in height (Figure 4). A 50-foot set back
of the upper lift would eliminate the narrow hump at the top and would provide a stable bench
for drilling the lower lift. Tt was recommended that the lower lift be presplit on a 1H:8V slope
and extend for the remaining height of the rock slope (70 to 80 feet). The NHDOT Standard
Specification requires rock cuts to be excavated in 35-foot high lifts with a lateral offset of 18 to
24 inches
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Figure 4. Typical cross-section of proposed rock slope remediation.
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between successive lifts. Due to the very difficult access, previous experience with similar sites
and the need to limit the impact at this location, it was decided that the presplit holes for the
bottom section of the rock slope would be drilled as a single lift. State of the art drilling
equipment was used to control drill wander. To improve the chances of obtaining a stable
uniform cut slope, drill hole deviation measuring devices were required. It was recommended
that the northern half of the rock slope be excavated in one lift on a TH:8V presplit slope. To
provide an adequate rock fall catchment area, the toe of the rock slope would be setback a
minimum of 30 feet from the roadway. It was also recommended that a 3-foot thick blanket of
energy absorbing stone (one inch minus) be placed in the ditch at the toe of the rock slope to help
contain future rock fall. Unloaded relief holes between the loaded presplit holes were required to
promote shearing along the desired cut slope and to minimize back break along the crest of the
rock slope.

It was recommended that prestressed rock anchors be provided in the contract as a
contingency item for securing unstable rock and for providing long-term stabilization for
potential areas of instability. The decision to install the rock anchors would be made during
construction by the Department’s Engineering Geologist. Rock anchor locations and depths
would be determined after a final inspection of the cut slope.

Figure 5. Detour road. Figure 6. Temporary detour road with
Jersey Barriers

The Department recommended that a portion of the abandoned highway be utilized as a
temporary detour road during construction. The contractor was able to utilize the detour for
access to the top of the rock cut and to use the closed portion of N.H. Route 16 as a staging area
for the project. This resulted in minimal disruption to the construction work and allowed traffic
to be maintained with only minor delays and no increase in traveling distance.

EMERGENCY PROJECT

The first phase of the project was the construction of a temporary 0.8 of a mile long detour
road, which followed a portion of the abandoned highway (Figure 5). To minimize the impact to
the area, the width of the temporary road was restricted to two 12-foot lanes with concrete jersey
barriers placed along both sides of the road (Figure 6). In addition, the profile of the detour was
held close to the existing ground, all trees and bushes were flush cut, grubbing was eliminated
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and the topsoil was left in place. A heavy geotextile fabric was placed over the existing ground
along the entire length of the detour (Figure 7). The roadway fill and base course materials were
kept to a minimum. The detour was removed in the spring of 2000 and vegetation was replanted.

Figure 7. Geotextile on detour road. Figure 8. Drilling the hump.

The second phase of the project involved the excavation of the hump (Figure 8) in the
upper section of the rock slope. This was accomplished prior to the blasting, excavating and
crushing of the remainder of the rock cut. The excavation and crushing activities were
conducted simultaneously on both ends of the rock cut (Figure 9). On several occasions the
blasting operation had to be slowed so the crushing activities could catch up. The Contractor
averaged two blasts per day with individual shots ranging in size from 2,000 to 12,000 cubic
yards of rock (Figures 10 & 11). The entire height of the rock cut was presplit in a single
operation. To help control blasts and to limit the amount of rock going over the steep
embankment slope, the production blasts were shot in multiple lifts. This method of excavation
was successful in preventing fly rock from reaching the environmentally sensitive areas along
the Ellis River. To improve drilling accuracy and to minimize drill wander (deviation), guide
bits and accessories were required for all drilling. The blaster was required to measure the
deviation of all drill holes, 50 feet or greater in length, prior to loading explosives. A borehole

Figure 9. Crushing Operation. Figure 10. Loading Blast Holes

deviation system was used to measure the orientation of the drill holes. The blaster was required
to use the borehole measurement data in his blast design and in determining the placement and
the amount of explosives to be used in the blast holes. A drill hole deviation of less than 2% for
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depths of up to 80 feet was specified in the contract. The blaster was able to maintain a 0.5 to
0.6 foot deviation for all drill holes.

The disposal of excavated rock was not allowed within the boundaries of the White
Mountain National Forest. Therefore, all excavated rock and debris had to be hauled and
disposed of offsite. Hoe-ram hammers were used to downsize the larger rock fragments, which
remained after each blast. To limit the void space within the loaded trucks and to reduce the risk
of damage to the haul trucks from oversized boulders, the Contractor crushed nearly all the
excavated rock to minus 6-inch size. Crushing the excavated rock with two portable crushers
located on the project, also reduced the total number of truckloads and minimized damage to the
surrounding roadway system. All the excavated rock was fed through two track-mounted
portable crushers capable of handling material in the 30-inch range. To avoid heavy traffic,
hauling began everyday at 3 AM with most of the rock being stockpiled at sites 15 to 30 miles
away. The excavation phase started on August 10", 1999 with a deadline of October 1%, 1999.
The Contractor utilized more than 30 haul trucks to move approximately 122,000 cubic yards of
rock.

Figure 11. Blasting.

In October 1999, the rock removal operation was completed and the existing N.H. Route 16
was opened for traffic. Patching of holes and temporary pavement overlay was placed on the
roadway to repair damage from the construction work. Prior to winter, the fill, base courses and
geotextile fabric were removed from the detour road. During the spring of 2000, the old
pavement on N.H. Route 16 was removed, new base course materials were placed and permanent
pavement was installed along the entire length of the project area. Drainage work, landscaping,
final restoration to the detour road and installation of the rock anchors were completed in the
spring of 2000.

An inspection of the rock slope was conducted during the early spring of 2000. Several
large slabs on the south end of the rock cut and a highly fractured fault zone with large loose
blocks in the middle of the rock cut were identified (Figure 12). It was decided that the
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Figure 12. Fractured fault zone.

installation of prestressed rock anchors at critical points would help secure the rock slope and
prevent localized slides. The location and angle of installation for each rock anchor was based
on the size of the blocks and the orientation of the potential failure surface. The angle (both
horizontal and vertical) at which the anchor holes could be drilled relative to the existing rock
face was limited by the design and configuration of the drilling platform. Twelve 40-foot long,
fully grouted, prestressed rock anchors were installed to secure several potentially unstable
sections of the rock slope. The rock anchors were 1 3/8 inch diameter, epoxy coated, grade 150
steel and continuously threaded bars. The anchors were designed with a 15 foot long bonded
zone (anchor zone) and a 25 foot long unbounded zone (free stressing zone). The components
for a typical rock anchor are shown in figure 13. The contractor’s drill rig worked from a pre-
fabricated steel platform, which was suspended from a 180-ton crane.

ROCK FACE

Protective
Plastic Cap
and Nut with
Corrosion

Inhibitor ANCHORAGE

{Bearing Plate, Washer, Wedge, Nut)

CORROSION /
INHIBITOR FILLED

SHEATHING PRESTRESSED

STEEL/ROCK
' onded  POLTBAR
Lengt : X

Figure 13. Schematic of prestressed rock anchor.
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Due to the irregular rock face and the angle at which the bolts were installed, a concrete
pad had to be constructed for each rock anchor bearing plate assembly (Figure 14). Proof tests
were conducted on each installed rock anchor (Figure 15). Locating sound rock for each rock
anchor, determining the orientation of the anchors in relation to the rock face and installing rock
anchors at heights of up to 70 feet above ditch level were challenging (Figures 16 & 17).
Construction of the concrete pads for the bearing plate assembly and establishing a fixed control
point for measuring the elongation of the anchors during the testing were extremely difficult
tasks due to the continually changing and severe weather conditions at the site. Each rock
anchor had a design load of 125 kips and was incrementally stressed during the proof test with a
110-ton hydraulic jack. A creep test was conducted to make sure there was no significant loss of
load over time and a lift-off test was conducted to verify the load transferred to the anchor. The
rock anchors were installed in accordance with criteria established by the Post-Tensioning
Institute.

-

Figure 14. Anchor with concrete pad.

Figure 16. Drilling rock anchor holes. Figure 17, Installing anchors.
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SUMMARY

The project was completed on time with an estimated 122,000 cubic yards of rock blasted,
hauled and crushed in less than two months. N.H. Route 16 was reopened for traffic during the
first week of October 1999. The temporary detour road to include pavement, base course
materials and geotextile was removed prior to the winter of 1999. The installation of the rock
anchors, landscaping and final paving were completed in the spring of 2000.

Since the completion of the remediation work, the rock slope has experienced two winter
seasons without major problems. There have been numerous small rock fall events (1 to 3 foot
in diameter) over the past two years, all easily contained within the catchment area (Figure 18).
During the spring of 2000, several localized areas of settlement (2 to 3 feet across) appeared in
the stone covered ditch at the toe of the rock slope (Figure 19). This settlement is the result of
voids in the underlying blasted rock. The local Maintenance District repaired the voids.

Figure 18. Rock fall in ditch ~ Figure 19. Voids in ditch Figure 20. Completed project

This project could not have been successfully completed within the limited time period
without the closure of N.H. Route 16 and the construction of the temporary detour road. The
total cost for the project was approximately 3.5 million dollars. Construction was completed
without a negative impact to the local economy, a disruption to traffic (commercial, tourist,
local) and without an adverse impact to the surrounding environment (Figure 20).

REFERENCES

Post-Tensioning Institute, 1996, Recommendations For Prestressed Rock and Soil Anchors,
Post-Tension Institute, Phoenix, Arizona.

Trojak, L., 2000, Blasted Mt. Washington Rock Recycled, New England Construction,
Associated Construction Publications, Norcross, GA, 22 p.

123



ABSTRACT
Ruby Creek Rock Slope Stabilization

Norman L. Norrish — Wyllie & Norrish Rock Engineers Inc.

David P. Findley — Golder Associates Inc.

Tom J. Byers — Golder Associates Inc.

Steve M. Lowell — Washington State Department of Transportation

Located on State Route 97 near Blewett Pass in the Cascade Mountains of Washington
State, the Ruby Creek site consists of a 200-foot high rock cut originally constructed in
1959. The complex geologic setting for the project site includes slates or argillites,
tectonically emplaced greenstone blocks and basalt. As part of its Unstable Slope
Management Program, WSDOT had rated this site as a high priority based upon the
hazard to the highway and the potential economic impacts if a slope failure was to occur.
The significant hazards included a 5000-yd® mass of rock susceptible to a planar mode of
failure, an 11,500-yd’ rock mass susceptible to a wedge mode of failure and numerous
small-scale features contributing to rock fall.

Site investigations included aerial reconnaissance, detailed surveying of the location of
major fault structures, joint population mapping including multiple traverses down the
slope face on ropes, shear strength testing of fault gouge material and testing for intact
rock strength. Stereographic-analyses and computerized stability analyses led to the
conclusions that the planar mass should be removed by controlled blasting and that the
wedge mass should be stabilized through reinforcement. Design criteria and
specifications were provided for blasting and scaling, high capacity rock bolts, low
capacity rock bolts, untensioned dowels and shear pins. Shotcrete and extensive
application of cable netting were recommended to control ongoing rock fall.

Greenstone Block Before and After Blasting

124



The blasting portion of the project was subject to stringent timing constraints to
accommodate summer holiday traffic and to safeguard biological resources in the area.
These constraints required the consideration of multiple blasting strategies to remove the
5000-yd® planar block. The adopted plan consisted of a single shot drilled from the top
of the block. The results of the blast provided valuable lessons and specific data on the
issues of access for drilling, hole deviations in 160-foot long angled blast holes, muck
pile run out, flyrock trajectories, blast cleanup methodology, and traffic interruption. The
scaling, bolting and cable net installations also yielded practical information on the
challenges of converting design intention to construction reality.
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INTRODUCTION

For the Washington State Department of Transportation (WSDOT), the Ruby Creek
project represented a major hazard reduction effort as part of its Unstable Slope
Management Program. The project was designed and partially constructed in 2001 and
completed in the spring of 2002. The stabilization program had to be compatible with
heavy traffic volumes, fishery and wildlife habitat constraints, engineering risk reduction
and costs. The elements of this project are presented under the main topics of planning,
investigation, engineering design, construction, and hindsight.

PLANNING PHASE
Site History

The current alignment of State Route 97 is a realignment of the Old Blewett Pass
Highway. SR 97 is a heavily traveled north south corridor connecting Interstate 90 with
State Route 2 to the north. Remnants of the Old Blewett Pass Highway are located on the
opposite side (southwest-side) of Peshastin Creek and may be seen from the project site.
Construction of the existing alignment including the Ruby Creek rock cut occurred
around 1959 and was likely completed in order to reduce grades and curves inherent in
the Old Blewett Pass Highway alignment.

Unstable Slope Management System

WSDOT has developed an integrated management system to inventory and prioritize
unstable slopes along the state highway network. This system has eleven categories for
rating the hazard represented by a given slope. With a maximum score or 81 points per
category, the maximum point rating for a given slope is 891. The Ruby Creek slope was
rated according this system in 1993, and received a total rating of 453 points.

Historically, rock fall problems along the 200-foot high cut have been relatively minor,
normally handled with routine maintenance in the form of regular ditch cleaning. The
largest single event recalled by WSDOT maintenance personnel involved an estimated
tens of yards of debris. However, in addition to the rock fall hazard, the potential for
large volume, structurally controlled failures was recognized in the slope rating
assessment. The magnitude of these potential failures was such that the highway could
potentially be closed for weeks resulting in severe economic impacts. Coupled with the
high traffic counts, the resultant risk yielded a favorable cost benefit ratio and justified a
major slope stabilization program.
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INVESTIGATION PHASE

Ruby Creek Geologic Setting

As shown in Figure 1, the project site is located within a zone of complex geologic and
structural conditions known as the Ingalls Tectonic Complex. This complex is a wide
belt wrapped around the south end of the Mount Stuart batholith as described by Tabor
and others (1987). The most abundant rocks within the Ingalls Tectonic Complex include
serpentinite, serpentinized peridotite, and metaperidotite and include sandstone argillite,
radiolarian chert, pillow basalt, diabase, and gabbro. All of the rocks have been
tectonically mixed in what is termed a melange complex. The age of the tectonic mixing
has been interpreted by Tabor and others (1987) as Late Jurassic or Early Cretaceous age
(~150 million years before present). This terrain is interpreted to have been thrust over
older geologic terrain prior to the intrusion of the Mount Stuart batholith in Late
Cretaceous time.
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The Leavenworth Fault, a major regional structural feature, is located approximately 2
miles northeast of the site. This northwest striking fault forms the southwestern boundary
of the Chiwaukum graben, a major structural feature of central Washington State. The
Entiat Fault forms the northeast side of the graben. The Leavenworth Fault juxtaposes
lithologies of the Ingalls Tectonic complex on the southwest side against conglomerate
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and sandstone units of the Middle to Upper Eocene age Chumstick Formation on the
northeast side of the Leavenworth Fault.

The rock types located within the project area include slates or argillites of the Peshastin
Formation as described by Alexander (1956), tectonically emplaced Greenstone Blocks,
and basalt. Most of the metasedimentary and metavolcanic rocks in the Peshastin Creek
area are medium grade and partially granoblastic bearing green hornblende and biotitie
(Tabor et al.. 1982). Due to the melange nature of the tectonic complex, all rock types
are bounded by faults or tectonic shear zones.

Seismic Setting

The project site is located within an area of low historic seismicity. Earthquakes that do
occur within eastern Washington are generally confined to shallow (less than 15 miles)
crustal events. One of the largest historic earthquakes to have occurred in the Pacific
Northwest occurred in 1872 in the North Cascades. This earthquake had an estimated
magnitude of 7.4 and was followed by many aftershocks and was probably at a depth of
10 miles or less within the continental crust (University of Washington PNSN). The
epicentral area is generally interpreted to be located north of Lake Chelan (approximately
60 to 70 miles from the project site).

Based on the Seismic Hazards Map for the Conterminous United States (USGS, 1996),
the project site falls within 0.1 g acceleration contour for 10% exceedance in 50 years.

Site Characterization Activities

The project site was subdivided into five structural domains on the basis of geologic
structure, rock type, and preliminary conclusions regarding rock fall / slope stability
mitigation (Figure 2). Structural mapping was performed along 11 traverses at the base
of the slopes and from rappelling rope traverses down the slope face. An experienced
scaler was employed to safety scale the rope traverses in advance of the engineering
geologists. A total of 300 structural measurements were recorded in conjunction with the
mapping activities within the 700-foot length of the stabilization project.

Index strength testing included 60 tests with a Schmidt impact hammer and 42 tests with
a point load apparatus (Broch and Franklin, 1972). Direct shear testing of fault gouge
was also performed.

DESIGN PHASE

Engineering Analyses

An appreciation for the potential hazards associated with the existing cut could be gained
by simple inspection, anecdotal information about historic performance, and the WSDOT
slope hazard assessment. In the design phase of this project, stability analyses were
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completed to provide a more quantitative assessment of the potential hazards, and to
develop stabilization designs as appropriate.

The greenstone and slate at the Ruby Creek site are generally brittle, fractured rocks. The
stability of slopes in such materials is usually controlled by rock fabric, in the form of
either systematic sets of discontinuities, or “unique,” randomly oriented features. The
structural mapping completed during the field investigation was intended to characterize
the rock fabric in terms of orientation, persistence, spacing, surface properties, and
infillings.

Exceptions to the characterization of the greenstone and slate as brittle, fractured rock
occurred in crushed zones along fault contacts between these lithologies, and local zones
of intense fracturing within the slate. These discrete zones with low rock mass strength
were not themselves adversely oriented with respect to the cut, and instability within
them was therefore limited to raveling.

With the potential for significant failures related to rock fabric, stability analyses focused
on structurally controlled failure modes. This was a two-part process, involving an initial
analysis of the structural mapping data to identify kinematically possible failure modes
and their relative impact on highway safety and operation; followed by limit equilibrium
stability analyses of specific failure modes where appropriate.

Kinematic Analyses

Kinematic failure modes involve the movement of intact blocks along one or more
discontinuities, typical examples include planar, wedge, and toppling failures. The
potential for these types of failures was evaluated stereographically as shown in Figures 4
and 6, which present the data for the Greenstone Block and Badger Block domains,
respectively. With this type of plot, the great circle representation of the cut and the cone
that represents discontinuity friction define "envelopes”, and structures with orientations
that fall within these envelopes have the potential to effect specific types of kinematic
failures.

These kinematic analyses, considered in the context of the WSDOT hazard rating,
maintenance history, and field observations, suggested that the most significant hazards
within each structural domain were:

e Greenstone Block -- Large-scale planar failure along the base plane; (Figures 3
and 4)

e Badger Block -- Large-scale wedge failure along Badger and Wedge-Left Faults,
along with significant rock fall hazard; (Figure 5 and 6)

e Middle Zone - Significant rock fall hazard;
e South End — Minor rock fall hazard
¢ North End — Minor rockfall hazard

130



¥o0|g
[uUoISUBIID

I¥IYINOD AT
3 zc,._.m\,z,mwmm_.u._.‘

M
|
T_

03E

00%

HOO 18 ANOLENGH

U0nIIS $SOID) YO0[g AUOISUIAIN ¢ a3

1334

oQE

0BG

ooes

[i1at

0%

0357

OF5

ohi;

DL

1748

A3

‘NOLL

IE]

o,
[



% WEDGE FAILURE ENVELOPE (FOR POLES)

‘ PLANE FAILURE ENVELOPE (FOR POLES)

TOPPLING ENVELOPE (FOR POLES)

T~ SLOPEPLANE

FRICTION CONE

Figure 4 Greenstone Block Kinematic Analysis



uonodag $soI) yooyg 1e3peyg ¢ ndL]

13 o
5]
—
E B B 8 &8 2 5 8 B B 5 P -
H I
” | ami
T a—— ! ozaL
. SINYT :
i DL
LINV4 L1373903M ol
) ONY LT V3 4ID0VE , m
\OILLOASHE!LNI 40 IN Houa 5
. . 3 nNu
’ :
3 My SSRLING. 3
L1
i
0044
i !
ozl

028



230

SLOPE DDR =
TRAVERSES 5, 6, 7 (WEDGE LEFT FAULT

DATA FROM TRAVERSE 4)

/// WEDGE FAILURE ENVELOPE (FOR POLES)
(L £

PLANE FAILURE ENVELOPE (FOR POLES)
TOPPLING ENVELOPE (FOR POLES)

|
|

|
|

SLOPE PLANE

\

FRICTION CONE

O

Figure 6 Badger Block Kinematic Analysis

134



The rock fall hazard for the overall slope was mitigated with a combination of cable net
slope protection, untensioned steel bars (dowels), and tensioned low capacity steel bars
(rock bolts). The potential failure mechanisms for the Greenstone Block and the Badger
Block required additional design consideration.

Limit Equilibrium Analyses

It was the consensus opinion of rock slope experts that examined the cut at the start of the
project that the possibility of a large-scale failure involving the Greenstone Block should
be mitigated by removing the potential failure mass above the base plane by blasting.
This was considered practical in part because of the observed continuity of the 43°
dipping base plane, and the fact that the potential failure mass was clearly detached from
the rest of the cut. Thus, it was considered likely that removal of the Greenstone Block
would not have a significant impact on the stability of the rest of the cut, and that the
limits of the material to be removed could be predicted with sufficient confidence.

Because of the steep natural slope above the cut, uncertainties with respect to the limits of
the wedge behind the cut and possible interaction with the rock mass in the Middle Zone,
stabilization by reinforcement was considered to be the preferred approach to mitigating
the failure potential of the Badger Block wedge. With the Greenstone Block addressed at
least conceptually, and hazards in other domains that were minor by comparison, more
detailed analyses focused on the stability of the Badger Block wedge, and the design of
reinforcement measures for this wedge.

Rigid Block Stability Analysis of Badger Block

The computer program SWEDGE (Rocscience, 2000) was used to model wedge stability.
This program uses the methods described by Wyllie and Norrish (1996) and treats the
wedge as a three-dimensional, rigid block, bounded by five discrete planes, each with a
defined orientation. Three of these planes are discontinuities in the rock, namely the two
structures that form the wedge, and a tension crack at the back of the wedge. The other
two planes are the slope face, and the slope behind the crest. Shear strength parameters
are assigned to the two planes that form the wedge. The orientation of the line-of-
intersecton (LOI) of these two wedge-forming planes is critical to the viability of the
wedge failure.

The wedge solution includes the assumption that the wedge daylights in the slope. As
shown in Figure 5, the Badger Block wedge does not actually daylight in the slope, but
dips under the road; as such, a “buttress” of slate exists between the LOI and the face.
The influence of this buttress on stability of the wedge was incorporated into the stability
model by applying an external, horizontal force on the wedge, in the direction 050°, i.e.
opposite of the trend of the LOI. The magnitude of this force was estimated at 320 tons,
based on a characterization of rock mass shear strength of the buttress (Hoek and Brown,
1988:; Hoek and Karzulovic, 2000). This characterization was in the form of a shear
strength envelope, which was applied over a buttress area at road level of 50 square feet.
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Compared to the 25,500-ton total weight of the wedge, the intact rock buttress constituted
a relatively small stabilizing force.

The Badger Block wedge was modeled by the planes listed below, along with a slope
height of 100 feet:

Plane Dip, ° Dip Direction, ¢, psf 9, °
Badger Fault 45 250 Varied 34
Wedge Left 52 193 250 38

Fault

Slope Face 70 230 N/A N/A
Upper Slope 32 230 N/A N/A
Tension Crack 70 230 N/A N/A

Stability analyses were completed for the following purposes:

e Develop a "design” value for cohesion along the Badger Fault, given a ¢ of 34°
from laboratory direct shear testing, and shear strength along the Wedge Left
Fault defined by a nominal cohesion of 250 psf and a friction angle of 38°
characteristic of a rough surface in competent rock, without a significant thickness
of infilling; and

e Determine support force requirements for the Badger Block wedge to provide
adequate Factor of Safety (FOS) under design seismic loading and a conservative
groundwater assumption.

The analyses that concerned the design cohesion value for the Badger Fault were
essentially “back-analyses” of the existing, stable wedge. While there are uncertainties in
all parameters for which “design” values are given in the above table, it can be argued
that the most significant uncertainties in this problem revolve around the Factor of Safety
(FOS), historic groundwater conditions, and historic earthquake loading. A series of
sensitivity analyses were completed, in which the FOS was determined for various values
of cohesion along the Badger Fault, groundwater conditions, and pseudostatic loads.
Ultimately, engineering judgment was involved in selecting a design cohesion value for
the Badger Fault from these analyses. A value of 1000 psf was selected, based on a past
“worst case” groundwater condition of the wedge forming structures 50% filled with
water, and a FOS for this condition on the order of 1.1.

Given this cohesion value, and other design values incorporated into the wedge model,
analyses focused on support force requirements for the wedge that would result in a FOS
of 1.25 for a groundwater condition represented by the wedge forming structures 50%
filled with water; and a FOS of 1.1 under seismic loading represented by a pseudostatic
coefficient of 0.12, but with drained groundwater conditions. The analyses indicated that
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a total stabilizing force on the wedge of about 2,500 tons was necessary to meet the FOS
requirements.

This force was divided into components of 1,400 tons to be provided by a line of shear
pins installed along the trace of the Badger Fault; and 1,100 tons to be provided by 15
high capacity anchors. This combination was selected because of the ease of installation
of shear pins along the exposed Badger Fault plane near road level and to limit the length
of the anchors by locating them near the LOI of the faults at the toe of the slope (see
Figures 5 and 7). The shear pins consisted of Grade 75, #20 (2 ¥2 inch diameter)
deformed steel bars as shown in Figure 8. The high capacity anchors were specified as
Grade 75, #14 (1 % inch diameter) deformed steel bars with a design load of 147 kips.
Required bolt lengths ranged from 35 to 55 feet. All reinforcing steel was specified as
Class 1 for corrosion resistance in accordance with PTI, 1996.

Greenstone Blast Design

The blast design incorporated multiple project constraints including:

e Blasting only permitted during the month of August to be in compliance with
wildlife and fishery concerns.

e Safety of the traveling public.

e Safety of the construction personnel.

e Minimization of the time of highway closure.

e Elimination / minimization of rock entering Peshastin Creek.

e Limited access by overland to the top of the Greenstone Block.
Due to these constraints, WSDOT retained an independent blasting consultant to prepare
alternative blast plans for the Greenstone Block and to review the plan submitted by the
contractor. The primary issue was that of safety which related to the staging of the blasts.
Two approaches were contemplated; multiple small blasts versus a single large blast.
Concerns for the progressive destabilization or perhaps an unanticipated premature
failure of the Greenstone Block led to the adoption of the single blast approach. The next
issue became the drilling approach to best distribute the explosives in the block given the

access limitations presented by the site. Consequently four plans were developed for the
consideration of the contractor (Figure 9):

Alternative:
1. Angled down holes drilled from the crest parallel to the long axis of the block
. Angled up holes drilled from the toe parallel to the long axis of the block

2
3. Vertical holes drilled from a crane
4

. Angled holes normal to the base plane drilled from a crane
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Figure 9 Pre Construction Drilling Alternatives for GreenStone Block Blast Holes
(Conceptual only — actual plans included multiple rows and holes/row
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All the plans contemplated a heavier than normal explosive loading to minimize rock
blocks “hanging up” on the slope. For the first two alternatives it was proposed to use a
delay pattern that would cause the broken rock to move toward the trough on the south
boundary of the Greenstone block and thereby minimize rock throw toward the creek.
The preferred alternative at this stage was to drill angled holes from the toe.

CONSTRUCTION PHASE

Bidding Process

Considerable discussion took place on the bidding approach for the drilling and blasting
of the 5000 cy Greenstone Block. The conventional approach would be on a unit volume
basis with an incentive/penalty clause to encourage timely execution and cleanup of the
blast. The less conventional approach that was adopted was to perform this phase of the
work under force account. The rationale was that there were too many external
constraints to hold the contractor accountable to a schedule. Consequently the owner
took responsibility to direct all aspects of the drilling, blasting and muck removal
operations. In the final analysis, this arrangement worked out very well as one lane of
traffic was open within two hours and two lanes within four hours.

Unit Rates

The 2001 unit rates (material and installation) for the major stabilization elements were
as follows:

High capacity bar anchors (147 kip): $75 ft

Low capacity bar anchors (53 kip): $75 ft
Untensioned dowels (Grade 75, #8 bars): $60 ft
Shear pins (Grade 75, #20 bars): $60 ft
Shotcrete (4000 psi, steel fiber reinforced): $1,000 cy
Cable net (8in x 8in): $9.00 sf
Scaling: $300 crew hr
Horizontal drains: $25 ft

The total project cost based on actual quantities was approximately $1.34 million.

Blasting

Of the four conceptual approaches to drilling the Greenstone Block, the contractor
proposed a modified version of Alternative 1 in which angled holes were drilled in a
radial pattern from the top of the block. The intent of the radial pattern was to lift the
rock mass normal to the base plane and to shear the rock between the blast holes. Due to
concerns for misfires, the contractor elected not to incorporate delays between adjacent
blast holes in an attempt to displace the broken rock laterally.
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The access issue for drilling was overcome by using hand-held sinker pneumatic drills to
excavate a temporary 14 x 18-foot drilling bench at the top of the Greenstone Block. Due
to excessive overbreak in the highly fractured and weathered slate, a concrete pad was
required to complete the drilling bench. From this vantage, nine, 5-inch diameter blast
holes ranging in length from 47 to 161 feet in length were drilled in a radial fan pattern
using a down hole hammer drill. Upon completion of the first hole a deviation survey
was performed using a tilt/temperature compensated compass magnetometer
manufactured by Advanced Orientation Systems. This instrument detected a deviation of
nine feet horizontally and 4 feet vertically between the actual and planned hole bottoms.
In part this deviation was thought to result from the contractor’s drilling practices
including inaccurate collar setup and excessive drilling speed to meet the schedule
dictated by the fish and wildlife window. With changes to these practices modest
improvement to the alignment of three subsequent holes was measured, typically five to
seven feet from planned bottom. Given the irregularity of the Greenstone Block surface,
these alignment deviations meant that the burden distance on the blast holes was less
uniform than planned.

The contractor’s functional blast design called for a powder factor of 0.90 +/- 0.05
pounds of explosive per cubic yard of rock. Based on the hole deviation surveys and the
newly acquired block topography, the loading was adjusted to 4765 pounds for the 5500
cubic yard block (volume revised during construction) for a powder factor of 0.87 Ib/cy.
ANFO was selected as the explosive with the loading and stemming varied in accordance
with the burden on each hole. This was particularly important near the convergence of
the radial pattern at the drilling bench. Both open hole and bagged ANFO was employed
dependent on burden distances.

As shown in the photographs in the abstract and in Figures 10 and 11, the blast was a
technical success with the displaced rock largely coming to rest as a muck pile along the
toe of the slope. Hand scaling and local rock bolting was adequate to dress the basal
plane of the Greenstone Block. Due to the non-uniform explosive distribution resulting
from the radial hole pattern adopted in the drilling, large blocks were present in the muck
pile (Figure 10). Fortunately these blocks could be moved to temporary storage locations
in the ditch for subsequent secondary blasting. The highway was open to single-lane
traffic within about two hours of the blast and normal traffic resumed within four hours.
This schedule was better than the most optimistic of estimates prior to the blast.

Regrettably a small amount of rock entered Peshastin Creek and had to be removed to

restore the habitat. Given the overall project constraints, particularly the safety issues
related to the blasting, this was probably an unavoidable incident.

Slope Mitigation
The mitigation elements included hand scaling to remove loose rock, reinforcement with

bolts, dowels, shear pins and shotcrete, and rock fall protection with cable nets. All these
elements were implemented largely as planned but with the inevitable adjustments
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Figure 10 Greenstone Block Post Blast
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required during construction. Due to the heavily fractured nature of the slate, the scaling
time was greater than planned. On the upper north slope above the Greenstone Block,
scaling proved to be impractical and the cable net was extended to the north to protect
this area. Shotcrete proved to be an effective method to smooth out the irregular rock
surface prior to the drilling and installation of high capacity rock anchors (Figure 11). A
number of horizontal drains that were dry when installed in October, were making water
when the project construction resumed in April. Figure 11 shows the project site at
completion.

HINDSIGHT PHASE

A side benefit of a challenging slope stabilization project is the opportunity to summarize
a list of lessons learned that hopefully will be remembered and applied to the next
project. The important lessons from the Ruby Creek project are:

e The quantity of cable net was underestimated due to the roughness of the slope.
Lesson — For rough slopes the slope distances should be increased by up to 20
percent in each dimension to calculate the area coverage of the cable net.

e During the blast design phase, much consideration was given to the feasibility of
various plans under the constraints of difficult access. In the final analysis, the
successful contractor used an access and drilling method not contemplated in the
design phase. Although consideration of constructability is necessary during
design, an undue emphasis can bias the engineering aspects and objectives.
Lesson - Let the contractors bring their expertise and innovation to the project in
the bidding process.

e While trying to estimate the highway closure time during the design phase, the
issue of the muck pile profile and swell factor were key unknowns. Lesson -
After the blast the muck pile exhibited an angle of about 25 ° initiating from the
toe of the base plane.

e For the Greenstone blast, flyrock travel distance was documented at 670 feet
horizontal at a location 160 feet above the center of the blast. This obviously has
implications for safe viewing vantage points. Lesson - Never let bravado mask
common sense when estimating the distance that flyrock might travel from a blast.

e Because WSDOT directed the blasting and cleanup effort, the selection of
appropriate equipment was a key issue. Lesson — With the large block sizes
present in the muck pile, track-mounted excavators proved much more effective
than rubber-tired loaders to move the blocks to temporary storage locations
beyond the traveled roadway.

e All the high slope rock drilling for dowels and bolts was staged from a crane.
Due to problems with approval of submittals, the drilling advanced through tens
of holes without the completion of any grouting or tensioning. This led to a rock
fall that struck the skip with sufficient force to move the 250-ton crane on its
outriggers. Lesson - Rock slope stabilization activities staged from a crane are
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Figure 11 Ruby Creek Project at Completion



particularly exposed to rock fall and therefore scaling, dowels, bolts and
shotcrete should be progressively installed working from the top down.

e The bid units included a grout loss item to equitably share the risk between the
owner and the contractor for an unquantifiable item. Payment for excessive grout
loss (in excess of 200 percent of hole volume) was on a force account basis. This
resulted in the crane costs, equipment and personnel being included in the
payment for excessive grout. At the bidding stage contractors will have various
equipment spreads for the project that can result in very different costs being
applied to an item such as grout loss under force account. Lesson — A better
approach is to have a bid item for the excess grout loss on a volumetric basis so
that the owner is protected from unreasonable cost allocations.
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The Stabilization of Red Top Landslide at American Canyon
Solano County, California

By

Thomas G. Whitman and David G. Heyes
California Department of Transportation — District 4
Oakland, California

ABSTRACT

During 1995/96 a massive ancient
landslide activated initiating the slow
downslope displacement of a 4,000-foot
long segment of Interstate 80, which links
the San Francisco Bay Area with the City
of Sacramento. Located within the Coast
Ranges of central California, the
landslide is within a larger inactive
ancient landslide. Large landslides are on
both sides of American Canyon, leaving
no realignment alternative. The activated
landslide is 1,341 m wide, 793 m long, up
to 70 m deep and encompasses 200 acres
of gentle to moderately sloping terrain.
The slide is primarily in the sandstones,
shales and mudstones of the Eocene age
Markley  Formation. Through a
subsurface exploration program, it was
determined that high artesian pressure
existed at the slide plane, that artesian
pressure increased in proportion to
rainfall, and that increased artesian
pressure caused landslide movement.

During late 1997, heavy El Niiio rains
were forecast and, in response, ten
pumping wells were constructed across
the slide, within the freeway right-of-way,
in an attempt to control slide movement.

In addition, monitoring wells with
multiple piezometers were installed.
Analysis of slide movement rate,

piezometric head, well pump rates and
rainfall data indicate that the existing
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pumping wells can control slide
movement only when rainfall is normal or
less. Rather than expanding the well
field, the strategy is to excavate a 93.5 m,
6.5 m diameter vertical shaft with three
levels of radiating horizontal drains to
reduce the piezometric head driving the
landslide. Construction of the first of two
shafts began in November 2001.

INTRODUCTION

The Red Top Landslide at American Canyon
is located in Solano County, California,
about 3.75 km (2.3 miles) west of the Route
80/680 interchange (Cordelia Junction).
Route 80, an 8-lane split profile freeway,
traverses the width of the landslide in an
east/west direction for a distance of 1.3 km
(0.8 mile).

The active portion of the landslide is 1,341
m (4,400 feet) wide, up to 70 m (230 feet)
deep, ranges between 152 m and 793 m (500
and 2,600 feet) in length and extends from
the head scarp on the north, 1,300 feet to the
toe of the landslide at American Canyon
Creek. The landslide mass consists of two
contiguous slide masses: a relatively small
slide on the west [(427 m by 152 m) 1,400
feet wide by 500 feet long] that has been
causing the westbound lanes of Route 80 to
slowly and intermittently subside ever since
the freeway was constructed in 1969. The
second is a much larger easterly slide [(915
m by 793 m) 3,000 feet wide by 2,600 feet
long] that reactivated in 1994. This report



will deal only with stabilizing the larger
easterly slide.

The large easterly landslide began to
reactivate in late 1994, and by mid-1996. It
was determined that the approximately 200-
acre active landslide is within a much larger
ancient landslide that extends nearly to the
top of the mountain to the north and
American Canyon Creek to the south.

Topographically, the surface of the
reactivated easterly slide has a fairly gentle
slope with an elevation difference between
the head scarp and toe of 152 m (500 feet)
over a distance of 823 m (2,700 feet). Most
of the terrain slopes at approximately 8
degrees, except near the head scarp of the
slide where it is steeper, and at the toe where
American Canyon Creek has carved a steep-
sided gully 12 m (40 feet) deep into the
terrain.

The slope on the opposite or south side of
American Canyon Creek is also underlain by
a large landslide complex, which does not
impact the highway facilities. Field
evidence and geologic mapping suggest that
the two opposing landslide masses likely
converged during the geologic past to pinch
off American Canyon Creek, followed by
the creek cutting a gully down through the
slide. It is possible that this process has
occurred a number of times in the past and
could occur again in the future.

A head scarp up to 1.5 m (5 feet) in height is
present along the northeasterly two-thirds of
the slide, while the eastern edge of the slide
has up to 1.5 m (5 feet) of left-lateral
horizontal displacement with associated
pressure ridges. The western edge of the
eastern slide shows no evidence of surface
rupture, but there are areas of settlement that
generally indicate its limits. The toe area of
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the slide is not well defined, but is generally
located along American Canyon Creek.

Translational movement of this glacier-size
landslide mass has displaced the highway to
the south, towards American Canyon Creek
up to 1.5 m (5 feet), disrupting and
damaging the pavement, median barrier and
drainage facilities. Much of this movement
occurred between February and July 1998
during the 1997/98 El Nifio year, which had
1,041 mm (41 inches) of rainfall, nearly
twice the normal rainfall for this area of
California. The slide is continuing to creep
at a very slow rate.

INITIAL STABILIZATION
MEASURES

Ongoing geotechnical studies indicated that
the primary force driving the slide is an
unusually high artesian water table. Because
El Nifio rains were forecast for 1997/98,
geotechnical studies were accelerated and an
emergency Director’s Order was initiated
during late spring of 1997. Eight large
diameter, 610 mm (24-inch), pumping wells
ranging from 43 m to 61 m (140 to 200 feet)
in depth were constructed on a slide within
State right-of-way. The purpose of the wells
was to lower the piezometeric head along
the slide plane and thereby slow the
movement of the slide. Pumped wells were
selected because gravity drainage through
horizontal drains is not possible.

The performance of the pumping wells was
monitored by an array of 109 piezometers
installed at various levels in 37 monitoring
wells, plus survey monitoring of the ground
surface. All eight wells were in operation by
February 1998. The total pumping rate for
the 8 wells averaged 265 m’ (70,000
gallons) per day with surges up to 484 m’
(128,000 gallons) per day.



Considerable slide movement occurred
between mid-February and July 1998.
During March 1998 two of the wells located
in the most easterly, active portion of the
slide were sheared by movement along the
slide plane. It was later concluded that the
slide movement and resultant pavement
distress would have been even greater if the
wells had not been in place.

During the summer and fall of 1998, four
new wells were constructed within State
right-of-way. Two of the wells replaced the
wells that had sheared off during the prior
winter, and two new 91 m (300-foot) deep
wells were installed in the deepest portion of
the slide mass, bringing the total number of
operating wells to 10.

Rainfall for 1998/99 was 533 mm (21
inches), which is slightly above the normal
508 mm (20 inches). The 10 wells averaged
a total pumping rate of 430 m’ (30,000
gallons) per day, which is less than half of
the previous El Nifio year’s average
pumping rate. The ground surface surveys
indicate that the slide mass did not move
during the 1998/99 year [limit of accuracy is
approximately 0.009 m (0.03 foot)]. Visual
observations revealed no movement of the
slide, and the piezometric head in the
monitoring wells remained low compared to
1997/98.

Using pumping wells to lower the
piezometric head along the slide plane
appears to be a qualified success. The east
slide is now considered stable during years
of normal rainfall.

PHYSICAL SETTING
The Pacific Ocean to the west dominates the

climate of the region. Average temperatures
range from 47 degrees Fahrenheit in the
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winter to 74 degrees Fahrenheit in the
summer (Solano Soil Survey, 1977). These
small temperature changes are typical of the
region. Climatic  conditions  are
predominantly Mediterranean with warm to
hot, dry summers and cool, relatively wet
winters.

Rainfall for this portion of Solano County
ranges from 356 mm to 1,016 mm (14 to 40
inches) (Solano Soil Survey, 1977). Local
rainfall, in the area of the project, is
approximately 508 mm to 635 mm (20 to 25
inches). About 80 percent of the annual
rainfall occurs between November and April
(Solano Soil Survey, 1977). Winds are
locally controlled by the northeast/southwest
trending mountains and valleys around the
project location, but are regionally from the
north in the winter months and from the
west during the summer months (Solano
Soil Survey, 1977).

American Canyon is a northeast-southwest
trending valley that is likely fault controlled.
The project is located at the eastern end of
American Canyon on the northern flank of
the canyon. The American Canyon drainage
basin rises in elevation from near sea level at
Suisun Bay on the east to an elevation of
near 152 m (500 feet) above sea level at the
ridge of the Sulfur Springs Mountains on the
west (Cordelia Quadrangle, 1980).

The main drainage of American Canyon is
the American Canyon Creek. Water
collected in the upper watershed combines
from a number of small tributaries to form
American Canyon Creek. The water flows
south until it crosses under Route 80 in the
vicinity of Lynch Road Undercrossing,
where it turns east and subparallels Route
80. Then American Canyon Creek exits the
mouth of American Canyon and continues



east until it drains into Suisun Slough and
eventually into Suisun Bay.

GEOLOGIC CONDITIONS

Regional Geology

The area is within the northeastern Diablo
Range, part of the Coast Range Geomorphic
Province of Central California. The
province is characterized by a series of
northwesterly trending ridges, faults, and
intermountain valleys formed by
compressional tectonic forces. The site is
located 1.6 km (1 mile) west of the boundary
between the Great Valley Geomorphic
Province and the Coast Range Geomorphic
Province.

The project area is underlain by sedimentary
rocks and landslide deposits composed of
members of the Eocene Kreyenhagen
Formation (Manson, 1988). These include
the Markley sandstone at the surface and, at
depth, the Nortonville shale and Domengine
sandstone (Bezore, Wagner, and Sowers,
1998). The project location is mapped as
lying between two regional folds, an
anticlinal structure to the east and a synclinal
structure to the west.  The active Green
Valley fault trends north-northwest less than
1.6 km (1 mile) east of the project site.
Also, there is an inactive fault structure that
is mapped parallel to the trend of American
Canyon and then turns north near the Lynch
Road Undercrossing (Bezore, Wagner, and
Sowers, 1998). The relative movement on
this fault appears to be up on the southern
block in relation to the northern block. This
fault zone is obscured at the surface
throughout the project area due to it being
covered by active landsliding.
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Site Geology

Principal rocks of the slide area are members
of the Eocene Kreyenhagen Formation
(Manson, 1988). The dominant member
exposed within the project limits is the
Markley sandstone. It is a massive, grayish
to yellowish brown, medium to coarse
grained, micaceous, feldspathic sandstone.
It is locally cross-bedded and pebbly,
indurated but not usually cemented. The
Nortonville Shale member underlies the
Markley sandstone. The shale is indurated
also and is characterized as being dark
chocolate brown in color, nonmicacous, and
is often calcareous. Some calcareous sand
(calcarenite) lenses exist within the unit and
are seen as marker beds. Where exposed, the
Nortonville weathers to a dark brown soil.
The Nortonville crops out in a
topographically low area adjacent to the
landslide area east and west of the project
location.

The Markley Formation is identified as a
natural gas-bearing unit (California Oil and
Gas, 1982). Based on this, it is anticipated
that the site is classified as gassy for both
construction and maintenance operations.

Seismicity

Eight major active faults are located within
80 km (50 miles) of the project site (Brown,
1970). The faults all trend in a
northwesterly direction and are designated as
Earthquake Studies Zones. These are the
Green Valley, Cordelia, West Napa,
Concord, Rodgers Creek, Hayward,
Calaveras, and the San Andreas fault zones.
It is expected during the design life of this
project that the site will experience ground
movement due to a seismic event on one of
the following fault zones with an estimated
Maximum Peak Bedrock Acceleration of



0.59 g. The expected effect of an earthquake
of this magnitude on the well system would
be to activate the landslide and damage or
destroy the wells.

EXPLORATION

From 1996 to date, 79 exploratory borings
have been drilled throughout the project
area. A majority of the holes were drilled
using 8-inch hollow stem augers with a dry
core sampling system. Once the holes were
completed, either groundwater or slope
monitoring instrumentation was installed
into the boreholes.

Two pilot borings (P-78 and P-79) were
drilled at the center of the proposed shaft
location from August 24 to October 5, 2000
using a Mobile B-61 drill rig. P-78 was
drilled using a conventional NX core system
(47.6-mm diameter), and soil and rock
samples were continuously collected. The
boring was completed to a depth of 96 m
(315 feet). Several intervals were enlarged
by rotary drilling to accommodate institute
pressure meter testing. From those intervals,
15-17 m and 21-23 m (50-57 and 70-75
feet), no core was recovered. Overall core
recovery was very good, averaging 89%. P-
79 was located 2.2 m south of P-78 and was
completed to a depth of 24.5 m (80 feet).
The purpose of P-79 was to get additional
site-specific  soils information and to
perform additional Standard Penetration
Test to develop N values for the soil not
well characterized in P-78. The Log of Test
Borings for these two borings is located in
Appendix A.

Subsurface Soil and Rock Conditions
Soil and core samples recovered from the

borehole indicate that there are three major
lithologic breaks. The first unit is an
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engineered fill placed during the original
construction of Route 80 and is
approximately 5 m (15 feet) thick. From 5
m to 21 m (15 feet to 68 feet), the material
consists of lean clayey silty sand soil unit.
At 21 m (68 feet), there is a gradational
transition from soil to rock material. The
rock unit is identified as the Markley
Member of the Eocene Kreyenhagen
Formation as described above.

Geophysical Studies

Caltrans Geophysical unit conducted a
detailed down-hole geophysical survey of
the pilot hole once it was completed.
Different geophysical tools used in the
survey consisted of caliper, resistivity,
natural gamma, spontaneous potential,
induction, sonic, shear-wave velocity, and
acoustic televiewer. Results of the survey
indicated that no major lithologic changes
occurred once below the soil unit, and that
bedding and fracture orientations could be
identified and changes in their attitudes at
given intervals were probably related to slide
activity. These results compare very
favorably with other information and were
critical in the development of the shaft
design.

A large-scale surface streaming potential
geophysical survey of the slide surface was
conducted by Norcal Geophysics, Inc., of
Petaluma, California, for the purpose of
determining where groundwater may be
located below the surface and its rate and
direction of flow. The survey consisted of
establishing a grid over the entire project
area and taking surface spontaneous
potential readings at each point within the
grid. After analyzing the data and
conducting field testing to verify results, it
was determined that the study was
inconclusive.



In addition to the surface geophysics, Norcal
also conducted down-hole geophysical
surveys of many of the exploratory borings
for the purpose of stratagraphic correlation.
The geophysical tools used in their surveys
included caliper, resistivity, spontaneous
potential and natural gamma. The results
indicated that correlation between two
adjacent holes could be made, but not
throughout the entire project area. It appears
that, due to the extensive episodic slide
movement over long periods of time, there
are entire sections of rock that are missing
through the center of the slide.

Instrumentation

There are a total of 62 exploratory borings
drilled to date throughout the project area.
In these 62 borings, 117 multi-level
piezometers and 23 inclinometers have been
installed. Of the 23 inclinometers, 11 are
still active and 12 are inactive. In addition
to the monitoring installations, 13
dewatering wells were drilled and
constructed. Of the 13 wells, 10 are actively
pumping, two have been lost due to slide
movement and one was drilled for testing
purposes only.

In addition, there are 25 surface monuments
throughout the project area that are surveyed
periodically to detect surface movement.

Rock Mass Classification

Several rock mass classifications were used
to build a picture of the composition and
characteristics of the rock mass to provide
initial estimates of support requirements and
to provide estimates of the strength and
deformation properties of the rock mass.
The rock mass is divided into a number of
structural regions and each region is
classified separately. The structural regions
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were identified by changes in rock type or
structural features (bedding plane and joint
attitudes) noted in the drill core and/or the
geophysical logs. It is recommended that at
least two methods be used at any site during
the early stages of the project (Hoek, 2000),
which was done on this project.

The Rock Mass Rating (RMR) system was
one of the classification used for this project
and was developed by Bieniawski in 1976.
The classification system incorporates the
following six parameters to classify the rock
mass: uniaxial compressive strength, rock
quality designation (RQD), spacing of
discontinuities, condition of discontinuities,
orientation of  discontinuities, and
groundwater conditions.

The Rock Tunnel Quality Index (Q) was the
second classification used for this project
and was developed by Barton in 1974. This
classification system incorporates the
following six parameters to classify a rock
mass: RQD, jointing, joint roughness, joint
alteration, joint water, and a stress reduction
factor.

Based on our field investigation, down-hole
geophysical survey, and rock mass
classification, it has been determined that, in
general, the in-place rock hardness ranged
from very soft to moderately soft; and the
rock is described as very poor to poor rock.

GROUNDWATER

Based on borings and monitoring wells, it
was determined that hydrostatic groundwater
levels were high and that a confined aquifer
with an artesian head was present at a depth
in the general vicinity of the slide plane
throughout the slide area. This high artesian
head is believed to be the major force
driving the landslide. Perched water tables



have been encountered at various depths
during the drilling operation and some
appear to be isolated and not interconnected.

Water Levels and Artesian Head

Frequently, an artesian head was
encountered during drilling. Typically, the
boring was relatively dry until reaching a
moderate depth; then, over a short period of
time, water would rise in the boring to a
height of 15 m to 23 m (50 to 75 feet) or
more. Later when conducting pump tests,
the presence of an artesian system was
confirmed. Some piezometers had almost
no drawdown response during pump tests,
while others at both deeper and shallower
levels, especially those deeper zones closer
to the slide plane, indicated tens of feet or
more drawdown, which is indicative of
confined aquifers.

Pumping Wells and Monitoring Wells

During the early spring of 1997, heavy El
Nifio rainfall was forecast for the coming
year. The ongoing slide investigation was
accelerated by initiating a Director’s Order
to install eight 610-mm (24-inch) diameter
dewatering wells in an attempt to minimize
the anticipated increased rate of slide
movement. In addition to a large number of
monitoring wells, additional inclinometers
were also installed. A total of eight de-
watering wells were installed (W-1 through
W-8) within State R/W along the north side
of the highway. All eight wells were on-line
by late January 1998.

Pump Tests

Pump tests were conducted at each of the
original eight wells (W-1 through W-8) to
provide data to calculate the transmissivity
and estimate the productivity of each well.
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Most of the pump tests were conducted for a
period of 48 hours, although a 2.5-hour test
was used on W-2, and a 7-hour and an 8-day
test was utilized for well W-1. Water levels
were monitored at each piezometer within
proximity of the pumping well. Pump tests
were not performed on replacement wells
W-2R and W-3R nor were they performed
on new wells W-9 and W-10, due to
potential conflict with ongoing pumping
operations.

The transmissivity of each well was
determined from recovery tests.
Transmissivity values ranged from a high of
23.5 m*/day (354 ft*/day) for well W-6 to a
low of 1 m*/day (11.0 ft*day) for well W-8,
with most in the 2.3 to 3m%/day (25 to 36
ft*/day) range. Comparing transmissivity for
each well with the pumping rate, it is noted
that there is only a general correlation
between transmissivity and pump rate.

During June 2000, another well (W-11) was
drilled on the south side of the highway to
investigate the feasibility of expanding a
well field into that area. The location for
this well was determined, in part, by the
results of Streaming Potential — geophysical
surveys (Kirker, 1999) that indicated that
groundwater movement was more likely to
be occurring in that area. The pump test on
well W-11 indicated that the transmissibility
of the formation was very low; and,
therefore, it was not considered worthwhile
to extend the power lines to develop a
permanent well. Transmissivity for well W-
11 was 0.5m%day (5 ft*/day), which is the
lowest of any of the 8 wells tested. Water
levels in test well W-11 are being monitored
manually.



Piezometer Data

Monitoring wells consist of vibrating wire
piezometers installed at multi-levels within
each boring. From two to five piezometers
are installed within each monitoring well.
Each piezometer is installed near the bottom
of a sand zone that is confined and separated
from other sand zones by bentonite plugs of
various thicknesses. An attempt was made
to place the piezometers in zones where
sandstone or other potential aquifers are
present and the bentonite plugs in areas of
shale or mudstone. Boring logs and
resistivity logs were used to select zones
with potential aquifers, as discussed
previously.

There are 39 monitoring wells at the Red
Top Slide with a total of 117 piezometers
that are monitored daily (plus others
monitored by hand methods). The
piezometer data is stored on a data logger
and later collected and processed; the
elevation of the piezometric head and the
date are inserted into a spreadsheet program.
The elevation of the piezometric head for
each piezometer is then plotted graphically
vs. time, and both the data and graph are
stored on a CD. A file is available for each
piezometer containing the numerical data
plus a graphical plot of the piezometric head
for the entire 3-year period of time since
inception.

There is a wide range in the amount of
movement in the hydrostatic head between
each piezometer within a monitoring well.
The piezometric head in some piezometers
barely moved during the past 3 years, while
in others it has lowered only a few meters,
and in others has lowered many tens of
meters. The deeper piezometers, located
closer to the slide plane, generally show the
most lowering of the hydrostatic head.
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Special attention was given to analyzing one
piezometer within each monitoring well that
is believed to best represent the hydrostatic
conditions present near the slide plane.
Drawdown varied considerably from 0.3 to
0.6 m (1 to 2 feet) to as much as 34 m (112
feet) depth at a distance of approximately 50
m (164 feet) from the nearest pumping well.
The average drawdown is approximately 15
m (49 feet) at 50 m (164 feet) distance.

The effect of pumping over time indicated
that drawdown of the water table was
occurring in the vicinity of the wells, all
across the slide, but piezometric head levels
still remain high to the northeast.

RAINFALL

Precipitation in the region is highly seasonal
with approximately 90 percent of the annual
rainfall occurring during the 6-month period
November through April. Mean annual
precipitation for the area is 508 mm (20
inches) in the vicinity of Red Top Slide
(Rantz, 1971).

Cumulative rainfall at Fairfield, CA, for
1997/98 rainfall year (an El Nifio event) was
reported at 1,041 mm (41 inches), which
was extremely high. The following year,
1998/99 was below average rainfall at 445
mm (17.5 inches), followed by a year of near
average rainfall in 1999/2000. The 2000/01
year rainfall was below.

Looking at mean annual rainfall over a
longer time period suggests that while
rainfall is the dominant factor causing slide
movement, it is probably not the only factor
that initiated slide movement. Note that
1981/82 and 1982/83 both had higher
rainfall amounts but did not initiate slide
movement. Since this is an ancient slide
that only recently reactivated, it is



reasonable to conclude that continued stress
and strain over a long period of time
probably resulted in the shear strength along
the slide plane lowering to its residual level.
The combination of the shear strength along
the slide plane approaching the low residual
shear strength and the high piezometric head
was evidently sufficient to initiate and
promote continued sliding. It is possible
that erosion at the toe of slide along
American Canyon Creek may also have been
a factor in reducing slide stability, though
this is neither obvious nor certain.

Small amounts of localized movement still
occur between February and April during
years when rainfall is average or above
average.

SLIDE MOVEMENT

Slope Inclinometer Data

A total of 21 slope inclinometers were
installed on or in the proximity of the east
slide between September 1996 and
December 1999. :

The slide plane surface defined by the slope
inclinometer data is that of a deep channel
leading southeast toward American Canyon
Creek, with gentle to moderate side slopes
and a steep head scarp. The elevation of the
slide plane is substantially lower than that of
American Canyon Creek over much of the
slide. The maximum detected depth of the
slide plane is 55.47 m at SI-27, located in
the lower easterly portion of the slide. This
slide plane depth corresponds to an elevation
of 26.82 m above sea level. Other borings
encountered the slide plane at up to 75 m
depth due to topographic conditions at the
slide.
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Slide Movement Analysis

All of the available slide monitoring data,
plus observations, were used to reconstruct
the estimated rate of slide movement
beginning February 1995, when the slide is
believed to have activated, to the present
time. Ten wells have pumped for a period
of 3+ years. It seems clear from the
reconstructed rate of slide movement since
slide activation in 1995 that the combination
of groundwater pumping and average or
less-than-average rainfall have drastically
reduced the rate of slide movement since all
10 wells were placed on-line in late 1998.

Taking a closer look at the rate of slide
movement following November 1998 when
all 10 wells went on-line, clearly, slide
movement is primarily confined to the area
north of the line of pumping wells.
Reviewing data of the cumulative horizontal
slide movement from November 1998 to
February 2001 for two monuments, MP08
located north of the line of wells, and MP17
located south of the line of wells.
Monument MP0O8 shows 52 mm of
movement over a period of 27 months, while
MP17 shows only a few millimeters of
movement during the same time period.
This differing rate of slide movement
between the area north and south of the
wells seems typical.

Since MP17 is located directly downslope
from MPO0S8, it seems anomalous that the
upper portion of the slide is moving faster
than the area downslope, which is barely
moving.

A reasonable hypothesis to account for the
difference in the rate of slide movement
between the upper and mid-slide area is that
by lowering the piezometric head, the wells
are creating a stable wedge within the slide.



This more stable wedge of material appears
to be acting as a buttress that helps to
support the upper portion of the slide.
Eventually, of course, either the upper slide
must slow down or the buttress will fail and
allow movement to translate downslope.

Correlation between Rainfall, Piezometric

Head, Pump Rate & Slide

Movement

The main factors causing reactivation and
continued slide movement are:

1. The amount of rainfall that occurs during
a rainfall year (July to June).

2. The level of the groundwater reservoir
within the slide, left over from the
previous.

3. The piezometric head along the base of
the slide resulting from groundwater
recharge causes an upward or buoyant
force on the slide mass. In addition,
seepage pressures increase as the
groundwater moves downslope toward
American Canyon Creek.

Without rainfall there would be no side
movement since, physically, the slide is
already in a stable configuration.

In attempting to investigate the mechanics of
slide movement, it is necessary to analyze
and compare the following interrelated data:

the time

1. Rainfall amounts and

distribution pattern;

2. Groundwater levels and piezometric
head, as measured by piezometers and
monitoring wells;
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3. Pumping rate of wells, which are an
indicator of the amount of available
groundwater;

4. Ground movement surveys on the slide
and slope indicator monitoring data.

Analysis of this data is ongoing; but, from
the data, we see a significant rainfall event
occurs and is then detected later as an
increased pumping rate, following a lag time
of 7-9 days, which increases as the rainfall
season progresses.

Stability Analysis and Slide Stabilization

Alternatives

A number of alternatives were evaluated to
stabilize the eastern slide. First, a back
calculation was conducted to estimate a
residual friction angle of the slide plane. We
also back calculated strength parameters of
cohesion and friction angle to check the
sensitivity by varying the strength
parameters. Based on the magnitude of
displacement that has occurred along the
slide plane, we concluded that a residual
friction angle (cohesion intercept = 0) would
be an appropriate representation of strength
estimates along the slide plane.

The first alternative analyzed was unloading
the head of the slide by removing material
acting as the driving force on the slide. By
removing the top 18 m (60 feet) from the top
of the active slide, there was an increase in
slide stability 5% (factor of safety = 1.05).
However, removal of support from the larger
inactive slide to the north was a concern.

A second alternative was analyzed which
consisted of placing a 12-m (40-foot) high
earth buttress at the toe of the slide by filling
in American Canyon Creek. This alternative
increased the stability of the slide by 8%



(factor of safety = 1.08), but creates
potential severe impacts to the riparian
environment and the existing stream system.

In comparison, dewatering the slide and
lowering the piezometric head by 15 m (50
feet) over the entire slide would produce an
estimated 16% (factor of safety = 1.16)
increase in the factor of safety for stability,
which is considered sufficient given the site
conditions.

Based on the stability analysis, dewatering
of the slide mass is the logical solution to
attempt to control slide movement.

Analysis of the dewatering option using
seismic loading indicates that in the event of
a Maximum Credible Earthquake on the
Green Valley fault system that there will
likely be movement or deformation of the
landslide mass. It is estimated that there
would be as much as 2.4 m (8 feet) of
movement of the landslide.

CONCLUSION

The wells appear to have stabilized the slide
during normal rainfall years, but the
question is will the existing pumping wells
provide adequate stability during another
high rainfall El Nifio year? Survey data
suggests that slide creep occurs when
rainfall exceeds normal annual rainfall. It is
concluded that an as yet undetermined
number of additional wells would be
required in locations outside of the highway
right-of-way to lower the piezometric head
over a larger area of the slide mass to
provide adequate stability during high
rainfall years. Based on our experience with
the existing pumps, it is anticipated that the
long-term maintenance of a larger system
will require full-time maintenance by one or
more maintenance staff. In addition, the
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well system will also fail if the slide moves
more than 0.15 to 0.3 m (0.5 to 1 feet).
Another more favorable option, in lieu of
pumping wells, would be to use one or more
drainage shafts, also located outside of the
highway right-of-way. These drainage shafts
would be large diameter reinforced concrete
lined shafts excavated to a depth below the
slide plane with several levels of horizontal
drains radiating horizontally out of the walls
of the shaft. The drained water will have to
be pumped from the shaft.

The drainage shaft system was selected for
Red Top Slide and will consist of a single
93.5 m deep (307 feet), 6.5 m (21 feet)
diameter shaft with radiating horizontal
drains located at three different levels
extending an average length of 152 m (500
feet) from within the shaft. This will create
a multilevel gravity drain system with a
diameter of roughly 305 m (1,000 feet) and
will be patterned after a similar successful
drainage shaft system used by the Oregon
Department of Transportation to stabilize
the Arizona Inn Landslide on Route 1 along
the Oregon Coastline. The only difference
will be the necessity to have a pump
installed below the slide plane at Red Top.
Due to the depth of the slide plane, it is
infeasible to use a gravity outfall. It is
anticipated that the drainage shaft system
will be relatively easy to maintain and will
tolerate small to moderate slide movement
and continue to function as a drainage shaft.
However, if several feet of movement were
to occur along the slide plane, it is
anticipated that the shaft liner will crack and
that it will need to be repaired.
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Rock Slope Stabilization for the Boulevard of the Allies Reconstruction
Pittsburgh, Pennsylvania

John W. Kovacs, P.E.
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ABSTRACT

The Boulevard of the Allies is a major four-lane roadway located in the City of
Pittsburgh, Pennsylvania. The roadway was initially constructed in the 1920’s at
the edge of a near vertical, 115-foot high rock slope locally known as the
Duquesne Bluff. In addition to normal traffic fiow, the Boulevard of the Allies
currently serves as a major detour route for an ongoing bridge and tunnel
reconstruction project. In anticipation of the increased service of the roadway,
the Pennsylvania Department of Transportation (PENNDOT) completed an in-
depth rehabilitation prior to the bridge and tunnel closure. This effort included the
widening of the roadway and reconstruction of four bridge structures along its
one-mile length. A primary component of this rehabilitation consisted of the
identification of adverse geotechnical conditions and design of corrective
measures to stabilize the underlying rock slope, protect the traveling public from
future geologic hazards, and to facilitate the proposed construction activities.
These concerns included; the presence of several adversely oriented
discontinuity sets leading to potential rock block instability, differential weathering
resulting in potentially unstable rock masses, and the mass wasting of the rock
slope causing the loss of bearing support at structure locations. To remedy these
conditions, construction activities consisted of; extensive use of rockbolts to
secure rock blocks along adversely oriented discontinuities, reconstruction of
cantilevered roadway sections, installation of pin piles through existing structures
to improve the bearing resistance, and the construction of slope netting as well
as a rock-fall retention fence.

INTRODUCTION

Expansion of the City of Pittsburgh during the early part of the 20" century forced urban
sprawl to boundaries imposed by the city’s three rivers (Figures 1 and 2). At the
southern limit of the city, in the Uptown District, the Monongahela River created a near
vertical rock face, locally known as the Duquesne Bluff, through many years of erosion
down cutting. * During the 1920’s, in an effort to improve travel between the city and
adjacent communities, the Boulevard of the Allies was constructed at the crest of this
115-foot high bluff. The presence of four major educational institutions and several
hospitals adjacent to the roadway and in neighboring communities contribute to the
vehicular traffic of approximate 35,500 motorists daily. The roadway proved functional
until increased demand forced the Pennsylvania Department of Highways, now the
Pennsylvania Department of Transportation (PENNDOT) to widen the roadway in the
1950’s. The presence of Duquesne University, Mercy Hospital and established
businesses adjacent to the inbound, westward, lanes of the Boulevard of the Allies

! Geotechnical Project Manager, Gannett Fleming, Inc., 601 Holiday Drive, Foster Plaza Iil, Suite 200, Pittsburgh, PA
15220.
% Geotechnical Designer, Gannett Fleming, Inc., 601 Holiday Drive, Foster Plaza lil, Suite 200, Pittsburgh, PA 15220.

® Acting District Geotechnical Engineer, Pennsylvania Department of Transportation Engineering District 11-0, 45 Thoms
Run Road, Bridgeville, PA 15017.
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forced the designers to cantilever beyond the rock slope at several locations. Concurrent
with the Boulevard of the Allies widening activities in the 1950’s, the Penn Lincoln
Parkway (Interstate Route 376) was under construction at the base of the Duquesne
Bluff. =~ The Penn Lincoln Parkway, bounded by the Duquesne Bluff and the
Monongahela River, was constructed on alluvial and colluvial depositions as well as fill
material. The Penn Lincoln Parkway currently facilitates the travel of approximately
70,000 vehicles daily.
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FIGURE 1

Slope failures in the late 1970’s prompted PENNDOT to initiate slope remedial studies.
Investigation of remedial alternatives began in 1980 with work performed to identify and
recommend remedial alternatives for rock slope stabilization and the protection of traffic
on the Penn Lincoln Parkway. As the result of these evaluations several concepts for
stabilization were identified and included: 1) trimming of overhanging or potentially
unstable rock masses; 2) construction of a reinforced concrete slope protection to
protect weaker rocks from weathering and to provide stabilization of overhangs above;
and 3) constructing a drop zone to contain rock debris from the upper slope. The
recommendations were constructed in the mid 1980’s. These construction techniques
have proved to be effective; however, the relentless effects of weathering have resulted
in undercuts of the concrete buttressing and several roadway support structures.
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In anticipation of the closure of the Fort Pitt Bridge and Tunnel, which serve as a primary
access to the central business district, PENNDOT desired to improve the condition of
the Boulevard of the Allies for use as a detour route. The primary objective of the
rehabilitation was to widen the travel lanes by reducing the width of the parapet on the
outbound, eastward lanes along the bluff. Therefore, the outermost edge of the parapet
would be maintained, but lane loads would be shifted toward the slope. Due to the new
loading conditions, several structures required evaluation and reconstruction to meet
current design standards. The two prominent structure types consisted of either
concrete piers notched and embedded into the rock face or counterweight cantilevered
concrete slabs bearing on support walls. The foundations of these structures were the
focus of the geotechnical investigation to ensure that proper bearing support could be
provided and that future instabilities and loss of the rock slope would not occur.

FIGURE 2

PHYSIOGRAPHIC AND GEOLOGIC SETTING

The Duquesne Bluff is located within the Appalachian Plateaus Province in the
Appalachian Highlands. The Appalachian Plateaus consists of gently folded, relatively
flat lying rock units dipping regionally to the southwest at a rate of approximately 1 foot
per 100 feet (M.E. Johnson, 1928.) The topography within the region consists of steep
hillsides and deep river and stream valleys with magnitudes of vertical relief typically
ranging between 200 and 400 feet. Specifically, the 115-foot maximum vertical relief of
the Duquesne Bluff was formed as the result of long term erosion processes of the
Monongahela River and the accompanying valley wall stress relief (H.F. Ferguson,
1967, H.F. Ferguson and J.V. Hamel, 1981).
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Stratigraphically, the Duquesne Bluff reveals exposures of rock units within the
Conemaugh Group of the Pennsylvanian system with geologic units in the lower
Casselman and upper Glenshaw Formations. The main lithologic types are shale,
claystone, marine and freshwater limestone, sandstone, siltstone, and coal. The strata
composing the biuff are characteristic of the late Pennsylvanian deltaic depositional
environment (Figure 3). Definitive contacts can be observed between the stratigraphic
units exposed on the bluff with the apparent dip being from east to west. The
stratigraphic units consist of; the Morgantown sandstone, the Wellersburg claystone, the
Birmingham shale, the Duquesne claystone, the Ames limestone, and the Pittsburgh
redbed (Figure 4).
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In addition to the alternating sequences of durable and less durable rock units along the
slope, jointing is readily observed on the bluff face and has been instrumental in the
development of current slope conditions and instabilities. Many of the joints exposed on
the slope are observed to be closed; however, several joints are open as much as 6
inches. Primary jointing types, including tectonic and valley stress relief, have resulted
in the formation of rock wedges and the potential for rock fall conditions. Tectonic joints,
formed by the lateral compressive deformation of the earth’s crust, are found to be
systematically perpendicular and intersect the slope face at angles ranging between 30
and 60 degrees. Stress relief joints are also present along the slope face and have
formed by the relief of stresses through valley down cutting by the Monongahela River
(H.F. Ferguson, 1967, H.F. Ferguson and J.V. Hamel, 1981). These joints are
curvilinear but generally parallel to the slope face and have been measured at plus or
minus 12 degrees of due east. Jointing conditions, as described, have promoted slope
instabilities leading to wedge and toppling failures. Geomorphic processes including
root pry and frost wedging have initiated many of these failures.

SITE INVESTIGATION AND DATA COLLECTION

Site Investigation. A site investigation
consisting of 39 geotechnical borings,
extensive laboratory testing and significant
field reconnaissances was conducted to |
characterize the slope and determine
potential instability based on the variability
of the strata and discontinuity orientations.
A “snooper truck” (Figure 5) was used to §
access the slope and record joint spacing
and orientation, measure the depth of §
undercuts at structure locations, confirm |
structure dimension, assess the condition Py Y T
of concrete structures and to photogra_ph FIGURE 5
slope and structure features for archive

purposes. This was the first application of its kind for the snooper truck contractor who
typically uses the equipment for under bridge inspections. This equipment proved to be
an innovative method to access the slope which would have otherwise required repelling
or other more dangerous methods.

Interpretation of Data. The discontinuity data was evaluated using the Spheristat 2.2°
computer program developed by Pangaea Scientific. The data set consisted of 180
discontinuity orientations taken from the slope face. Five principal joint sets were
identified as follows: (1) N78°E, (2) N78°W, (3) N41°E, (4) N59°W, and (5) N6°E (Figure
6). Dip directions were recorded to be 82°S, 80°S, 81°SE, 79°SW, and 85°E,
respectively. Joint sets 1 and 2 are interpreted to be valley stress relief joints with the
strike directions occurring in adjacent quadrants confirming the undulating, curvilinear,
surface observed in the field. The valley stress relief joints, measured to be sub-parallel
to the slope face, were recorded to be spaced approximately 2 to 5 feet apart (Figure 7).
Joint sets 3, 4, and 5 are tectonic. The bedding orientation identified in this region is
measured to strike N56°W and dip 5°S. The strike of the slope surface was, on average,
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N80°E, with an approximate dip of 80°S. All readings were adjusted for a declination of
7.5° based on the City of Pittsburgh mapping.
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FIGURE 7

Oblique Aerial Survey. Due to the nearly vertical nature of the slope, conventional
survey would have been impractical, if at all possible. The designers used an innovative
and state of the art concept of oblique aerial digital imagery. The slope was
photographed with a Precision Aerial Survey System (P.A.S.S.) Bell 47 Helicopter and a
Zeiss RMK TOP15 precision aerial camera. These images were used by Gannett
Fleming CADD operators to develop an Intergraph MicroStation topographic file that was
the basis for generating cross sections at discrete locations along the slope. These cross
sections were critical in determining slope geometry for rock fall modeling, stability
analysis and constructability determination. Additionally, a digital photogrammetric
mosaic showing existing slope and structural features as well as proposed treatments
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was prepared. These images were provided in the bid documents and were used by the
contractor during construction.

GEOTECHNICAL CONSTRUCTION AND SLOPE STABILIZATION

Current observations of the support buttressing constructed during the 1980’s
rehabilitation initiative indicate that the designs have been effective. However,
aggressive slope trimming operations conducted during that project may have led to
weathering and mass wasting of the less durable rock units and the undercutting of the
concrete buttressing and of roadway structures at various locations. Although localized
removal of large rock masses may have been warranted given the precarious rock
overhangs, aggressive overall slope trimming may have promoted the conditions
currently observed on the slope (J.W. Kovacs and W.R. Adams, 1997).

Current studies indicate the need for rock fall protection for travel lanes of the Boulevard
of the Allies and the underlying Penn Lincoln Parkway and additional slope stabilization
and structure support to address the proposed loading conditions. These measures
consist of the installation of rock bolts, pin piles and the construction of rock slope mesh
and a rock fall retention system.

Rock Bolts. Rock bolts were used for two applications; 1) to stabilize rock blocks
underlying the roadway structures, and, 2) to stabilize existing concrete buttresses that
have been undercut by loss of underlying rock. Four rock bolt designs were developed
for these applications. These designs are summarized in Table 1.

Designation Purpose Length Bond Design Declination
Length Load

Tvoe A Secure Morgantown

G?:futed sandstone at pier 28 feet 15 feet 135 kips 15°
structure

Tyoe B Secure Morgantown

Glyfuted sandstone at pier 18 feet 15 feet 135 kips 15°
structure

Type C _

. Secure existing undercut . .

Spin Anchor concrete buttresses 16 feet 5 feet 45 kips 15° (inclined)

Grouted

Type D Secure Birmingham shale .

Grouted below cantilever structure 30 feet 15 feet 100 kips 20°

TABLE 1

Rock bolts for slope stabilization consisted of 1-3/8 inch all thread bars grouted in a
minimum 3-inch diameter drill hole. The as-built drill hole diameter was 4.5-inches. The
existing concrete buttresses were secured with 1-3/8 inch hollow all thread bars with
spin lock anchorage. The purpose of the spin lock desigh was to secure the bolt in the
15° inclined position to anchor the existing concrete buttress on the slope and to
facilitate grouting operations. At these locations, grout was injected through a grout tube
penetrating the bearing plate and returning through the hollow core of the all thread bar.
Declined rock bolts were grouted through a grout tube extending to the bottom of the drill
hole with return through a de-air tube penetrating the bearing plate (Figure 8). All rock
bolts were tested to 125% of the design capacity and locked off at the design load.
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The urban setting of this project presented unique construction challenges involving
equipment mobility, temporary loading of existing structures and the requirement for
suspended drill rig ptatforms for the installation of rock bolts (Figures 9 and 10). Existing
structures were evaluated to ensure that the crane loads could be supported.

FIGURE 9

FIGURE 10
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Pin Piles. Pin piles, also referred to as micro-piles, were used to construct a new traffic
sign structure and to provide additional bearing support for existing structures (Figure 8).
Due to limited space to construct spread footings or caissons at the sign structure
location, pin piles were a viable alternative. Analysis concluded that these piles would
be subject to both compression and tension and were designed accordingly.

Pin piles were chosen as a method to increase the bearing capacity of the existing
concrete piers notched into the Morgantown sandstone. Although current conditions do
not suggest instability, the designers chose to install additional foundation support as a
preventative measure to account for long term mass wasting and loss of weaker rock
units underlying the structure. One pile was installed at each pier location.

The pipe pile design consisted of a Grade A53, 35 ksi yield strength, Schedule 80, 8-
inch diameter (nominal) pipe. A design capacity of 138 kips was specified for the piles at
the pier locations and 142 kips was the design load of the sign structure piles. The piles
were installed with a percussion down the hole drill bit mounted on a Cassegrande M9
drill rig. The piles were load tested in accordance with ASTM D3689. Due to the limited
site access and required reaction piles in order to conduct a compression test, the test
was performed in tension only and provided a conservative result since end bearing
does not influence the results. A cyclical test was also performed to model the pile
behavior under the anticipated sign structure wind loads.

Rock Fall Retention System. Analysis was performed using the Colorado Rockfall
Simulation Program (CRSP) based on anticipated rock sizes and the slope geometry to
predict rockfall trajectory and energy. It was determined that the fence must be
constructed 10 feet high and capable of withstanding a 90-foot-ton impact load to
‘account for statistically probable rockfall. The as-designed system consisted of drilled
shafts for the foundation elements. However, the contractor proposed pre-cast concrete
blocks that rested against the back face of the barrier. The system was evaluated and
determined to offer an equivalent level of service as the originally designed scenario.
Figure 11 shows the as-designed and as-built cases.
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Rock Slope Mesh. Visual observation and
geologic mapping indicated the presence of
adverse jointing and the potential for rockfall
on a portion of the slope that is exposed
above the Boulevard of the Allies. The
anticipated cause of this rockfall is exposure
to the elements, the mechanics of
freeze/thaw, and from root pry of existing
vegetation.

The rockfall at the site was considered
typical of a slope with these jointing features
and geometry. Rockfall is likely to enter the
traveled lanes of the Boulevard of the Allies
without remedial action and wire mesh slope
netting was identified as an appropriate
solution for protection of traffic. The
proposed netting consisted of PVC coated
wire mesh anchored at the top of the slope
by epoxy resin anchors spaced at 12-foot
centers. The PVC was color matched to the
slope. The mesh was left open at the
bottom such that the falling rocks can be
collected in a drop zone and removed as
necessary. Figure 12 shows the slope prior
to placement of the wire mesh treatment. FIGURE 12

CONCLUDING REMARKS

Geologic conditions of the Duquesne Bluff consist of alternating layers of durable and
non durable rock units that are prone to differential weathering and the formation of rock
overhangs. In addition, valley stress relief joints formed parallel to the bluff face and
systematically perpendicular tectonic joints have resulted in unstable rock wedges.
Through detailed site investigation and kinematic analysis of the slope, designers were
able to predict failure mechanisms and develop loads for use in designing stabilization
systems.

Proposed reconstruction of structures along the Boulevard of the Allies changed the
loading conditions imposed on the underlying rock slope. In order to improve the rock
slope conditions and to provide adequate foundation support, rock bolts were
implemented to stabilize previously constructed concrete buttressing and to secure rock
blocks formed by adversely oriented discontinuities. Pin piles were installed to provide
increased bearing support to structures subject to undercutting by loss of non-durable
underlying rock strata. A rock fall retention system and slope mesh were also installed
as a preventative measure to protect motorists from potential future rock fall debris.
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MONTEREY COUNTY, CALIFORNIA

ABSTRACT

A comprehensive digital database on Monterey County geology was prepared for the
Monterey County 21st Century General Plan Update. The database includes geologic units,
faults, landslide and liquefaction susceptibility, and mineral resources. These data are in a
geographic information system (GIS) format that provides a unified, seamless coverage for the
seventy-nine 1:24,000 scale quadrangles encompassing Monterey County.

Landslides are probably the most costly geologic hazard in Monterey County. Highly
susceptible parts of the county to landsliding include areas underlain by the Franciscan Complex
(Big Sur coast) and areas underlain by the Monterey Formation (Carmel Valley). Coastal
erosion of sand dunes along the Monterey Bay and of marine terrace deposits along the Big Sur
coast present a significant constraint to development in these areas.

Other geologic hazards in Monterey County include fault rupture, strong shaking, and
liquefaction. Fault rupture hazards are highest along the San Andreas fault and high for the San
Gregorio, Reliz/Rinconada, and the Monterey Bay/Tularcitos fault zones. Severe damage from
strong shaking and liquefaction occurred during several earthquakes, most notably in the 1906
San Francisco and the 1989 Loma Prieta earthquakes. Liquefaction is most likely in saturated
and loose, geologically young, granular deposits such as in the Moss Landing and the Salinas
Valley areas.

The digital databases can be plotted as paper maps or viewed interactively on a computer in
the office or field. The GIS format allows users to create their own specialized maps such as
delineating the distribution of geologic hazards along highway and lifeline alignments.

INTRODUCTION

Monterey County lies within the California Coast Ranges physiographic province astride the
broad boundary between the Pacific and North American tectonic plates. The relative motion
between these two plates—which is still occurring at a rate of about 2 inches per year— has
produced most of the geologic structure of the county. Its most evident manifestations are the
active San Andreas and San Gregorio faults. The uplift that formed the Coast Ranges was much
more rapid in Monterey County than in other parts of California. The dramatic cliffs of the Big
Sur coast and steep slopes of the Santa Lucia Range are products of this rapid uplift.

Geologic forces such as mountain building and mass wasting are long-term processes that
shape the landscape. Earthquakes and landslides are two familiar types of geologic events
associated with these long-term processes. When these geologic events pose danger to property
or safety, they become hazards. Common examples of geologic hazards present in Monterey
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County include ground rupture along faults, strong shaking, liquefaction, landslides, and erosion.
In land-use planning, the term “hazard” implies that there is a negative effect associated with
these naturally occurring geologic events. From a planning point of view, these “hazards” are
potential constraints on the intended use of the land. By analyzing these constraints, the risks
can be assessed and usually mitigated to an acceptable level.

The County of Monterey regulates land-use based on policies and ordinances derived from
the county’s official geologic hazard maps. The previous geologic hazard maps were prepared in
1975 as part of the Monterey County General Plan—which is revised about every 20 years.
However, the 1975 General Plans maps did not include large parts of the county such as the Big
Sur coast and southern Monterey County. In addition, recent mapping by the U.S. Geological
Survey shows features such as previously unmapped active faults and liquefaction-prone
sediments. The General Plan is presently (2002) being updated and takes advantage of modern
technology such as GIS software. This General Plan Update (GPU) provided an excellent
opportunity to update the county’s geologic maps, create derivative hazard maps, and develop
planning policies that accurately reflect the current state of knowledge. This paper presents a
summary of several geologic hazards analyzed for the GPU. For a comprehensive discussion of
Monterey County geologic hazards, see the report by Rosenberg (2001).

PROCEDURES

Although digitally produced geologic maps are extremely useful, they are deceptively
difficult to produce. Preparing a geologic hazard map from a GIS digital database involves
several issues—each with their own attendant problems—such as capturing data from paper
maps and converting them to digital format, compilation from various vintage and scale geologic
maps, and recasting geologic units into units which reflect engineering behavior. Organizations
considering producing regional geologic databases should be aware of some of these critical
issues, which are discussed in the following paragraphs.

Capturing Data

Approximately 80 geologic maps were used to create the Monterey County geologic
database. The maps ranged from old unpublished paper maps to recent GIS databases. The
various maps used in the compilation were converted to digital format using a Vidar large-format
monochrome drum scanner at a resolution of 300 dots per inch. The scanned images were saved
as uncompressed TIFF raster image files, and then were georeferenced, projected, and
autovectorized using ESRI ARC/INFO software. The vectorized geologic contacts and fault
lines were converted into ARC/INFO coverages and then into ArcView shapefiles. Finally, the
geology was compiled onto 1:24,000 scale USGS digital raster graphic maps (the digital
equivalent of USGS 7.5-minute topographic quadrangle maps) and the shapefiles were clipped to
the Monterey County political boundary.

Although three 7.5-minute geologic map quadrangles were available in ARC/INFO format,
they had to be downloaded from the Internet and converted into the same format as the Monterey
County geologic map. This involved importing the ARC/INFO coverages into shapefiles and
changing the projection of the imported data to match the existing data.
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Compilation

The purpose of this task was to create a seamless geologic digital database of Monterey
County. The philosophy behind this compilation was to combine “the best of the best” sources
into one database, for which 82 maps and reports on Monterey County were used. It is important
to note that much of the geologic mapping of Monterey County was done between 1930 and
1950, focusing on oil and mineral resources. To evaluate geologic hazards, maps emphasizing
the distribution of earthquake faults and unstable slopes are necessary. The older maps are
useful for geology, but usually do not have geologic hazard information.

The sources used for the compilation were originally mapped at scales ranging from 1:2,400
to 1:125,000, with the majority at 1:62,500 scale. The compilation at 1:62,500 scale requires
simplification in some areas and combining of some geologic units. Also, minor adjustment of
contacts across the quadrangle boundaries was locally necessary. Figure 1 shows an example of
a scanned map and its conversion into a digital database.

One problem encountered in creating the seamless geologic map was that geology did not
always match from quadrangle to quadrangle. Part of this discrepancy is the differences in
mapping styles between the geologists that mapped them. Other inconsistencies included
different terminology in naming geologic units and faults, and drafting errors. Although the
source map linework was accurately digitized, mapping errors by the original authors still exist.

A unique issue associated with digital databases is the concept of map accuracy and
precision. For example, a line shown as well-located on a published USGS geological map
typically is accurate to within 50 feet at 1:24,000 scale. If that map is digitized as part of a
geological database, enlarging the image (either digitally or by photographically) does not
increase the accuracy of the line and can cause misinterpretation of the data. Users should be
aware that at local scales (more detailed than 1:62,500) the geology may be different than
depicted in the database due to the regional focus of this compilation.

[ Digital geologic database |,

o 1Y

0 4,000 ft
—

Figure 1. Conversion of scanned map into digital geologic database.
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GEOLOGIC DATA MODEL

For GIS-based geologic and seismic hazard evaluation, the foundation is the geologic data
model. In this study, the model is a digital compilation of stratigraphic formations and faults in
Monterey County. T.W. Dibblee, Jr. mapped most of the geology in Monterey County for the
U.S. Geological Survey in the 1960s and 1970s. Other major contributors of mapping include
J.C. Tinsley, 11, W.R. Dupré, V.M. Seiders, D.C. Ross, J.C. Clark, and C.A. Hall.

As pointed out by Wagner (2001), preparing a stratigraphic framework and map explanation
is one of the first, and most important, steps in compiling a regional geologic map. In Monterey
County, the San Andreas fault and the Sur/Nacimiento fault are major structural boundaries, and
as a result, there are three different stratigraphic columns. To provide a logical framework for
the many geologic units in Monterey County, the author of most of the geologic maps used in the
compilation, T.W. Dibblee, Jr,. prepared a countywide correlation of map units, with emphasis
on the Tertiary and Cretaceous age sedimentary rocks. Cretaceous plutonic and metamorphic
rocks follow the nomenclature of Ross (1972, 1976). Quaternary deposits were classified based
on the work of Tinsley and Dupré. Due to time and funding constraints, detailed structural data
such as folds, bedding attitudes, and depositional contacts were not included in this database.

ArcView was used with the GeoEditor extension (Walker and Black, 2000;
http://www.geomaps.geo.ukans.edu) as a tool to classify geologic units and faults into a
consistent format. Other fields such as liquefaction susceptibility (LIQ_SUSC), estimated
strength (STRENGTH), and the 1997 Uniform Building Code site response class (UBC) were
added to the geology data dictionary to facilitate preparing derivative geologic hazard maps. An
example of the dictionary is shown in table 1.

Table 1. Geology data dictionary

Detailed Det. Liq.
name label Lithology Era Period Epoch Source  susc. Strength UBC
Monterey Tm Shale Cenozoic  Tertiary  Middle-Early(?) Dibblee Low C C
Formation Miocene (1971)
Franciscan KJf Metavolcanic Mesozoic  Jurassic- -- Seiders Low A B
complex Cretaceous (1989)
Alluvial fan Qch  Alluvial  Cenozoic Quaternary Late Dupré and Low B C
deposits of fan Pleistocene Tinsley
Chualar (1980)
Landslide Qls Hillslope Cenozoic Quaternary Holocene- Dibblee Low C D
deposits debris Pleistocene (1971)
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Metadata

All too commonly, GIS datasets lack descriptive information about how the data were
obtained, modified, and classified. To remedy this shortcoming, metadata (“data about data™),
which describe the content, quality, condition, and other characteristics of data, were prepared
for each data set using ESRI ArcCatalog 8.1 software. The metadata files are in both text format
and “Frequently Anticipated Questions™ hypertext format. These metadata comply with the
Federal Geographic Data Committee Content Standard for Digital Geospatial Metadata (FGDC-
STD-001-1998).

GEOLOGIC HAZARDS

Fault Rupture

Fault rupture is a seismic hazard that affects structures sited above an active fault. The
hazard from fault rupture is the movement of the ground surface along a fault during an
earthquake. Typically, this movement takes place during the short time of an earthquake, but can
also occur slowly over many years in a process known as creep. The only known creeping fault
in Monterey County is the part of the San Andreas between San Juan Bautista and Parkfield.
Most structures and underground utilities cannot accommodate the surface displacements of
several inches to several feet commonly associated with fault rupture or creep.

In California, an active fault is legally defined by the State Mining and Geology Board as one
that has “had surface displacement within Holocene time (about the last 11,000 years)”. The
term “potentially active” fault was used by the CDMG until 1988 to define faults that had
evidence of Quaternary (about 1.6 million years) surface displacement (Hart and Bryant, 1999).
Current usage in seismology is to specify the time of latest fault movement such as “Holocene
active” or “Quaternary active”.

In this study, the relative activity of faults in Monterey County was assessed using the
approach of Jennings (1994). in which faults are classified based on the time of their most recent
movement. The State of California has only zoned the San Andreas fault within Monterey
County as active; however, other studies document Holocene activity on local faults. These
include the offshore parts of the Navy and Chupines faults (McCulloch and Greene, 1989); the
Berwick Canyon (Vaughan and others, 1991); the Tularcitos, Sylvan thrust, Hatton Canyon
(Rosenberg and Clark, 1994); the Garrapata/Palo Colorado and Rocky Creek fault segments of
the southern San Gregorio fault zone (Clark and Rosenberg, 1999); the San Gregorio fault
offshore of Point Sur (Eittreim and others, 1998), and part of the Vergeles fault (Coppersmith,
1979). These other Holocene faults were delineated as County fault zones, which require
trenching to determine the fault location and setbacks from the fault trace.

The faults are stored in the database based on the location accuracy (type of fault) and the
age of most recent known faulting (recency) as shown in table 2. This database structure allows
the user to analyze and plot maps based on fault activity.
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Table 2. Fault data dictionary

Name Type Source Recency |
San Andreas  fault-certain  CDMG (2000) Historic
Rinconada fault-inferred  Hart (1985) Late Quaternary

Sur fault zone fault-concealed Hall (1991) Quaternary undifferentiated

Ground Shaking

Strong ground shaking is the seismic hazard most likely to affect Monterey County. The
county is subject to very strong (0.3-0.6g) to severe (greater than 0.6g) shaking from three main
Holocene active faults: the San Andreas, San Gregorio, and Reliz/Rinconada (Petersen and
others, 1999). The severity of ground shaking depends on several variables such as earthquake
magnitude, epicenter distance, local geology, thickness and seismic wave-propagation properties
of unconsolidated materials, ground water conditions, and topographic setting.

Ground shaking hazards are most severe in areas near the San Andreas fault and in the
unconsolidated alluvial areas of the county such as the Salinas and Carmel Valleys. In addition,
there are local areas which will likely experience amplified ground shaking and greater damage
due to their geologic and topographic characteristics such as soft soils, basin geometry, and depth
to ground water. However, the degree and location of amplification are currently difficult to
quantify because of the lack of established methods of characterization.

The 1997 Uniform Building Code (UBC) addresses ground response by classifying the soil
and rock into six soil profile types based on shear-wave velocity: Sa (hard rock), Sp (rock), Sc
(very dense soil and soft rock), Sp (stiff soil), Sg (soft soil), and Sr (soils requiring site-specific
evaluation). The geologic units in the database were reclassified by their estimated shear-wave
velocity into UBC soil profile types using procedures developed by Wills and Silva (1998) and
Wills and others (2000). These UBC classes were included in the geologic database for planning
purposes.

Liquefaction

Liquefaction is a process in which sediments below the water table temporarily lose strength
during an earthquake and behave as a viscous liquid rather than a solid. Liquefaction does not
occur at random, but is restricted to certain geologic and hydrologic environments, primarily
recently deposited sand and silt in areas with high ground water levels. Areas in Monterey
County most susceptible to liquefaction include the Salinas River and floodplain, the Moss
Landing and Elkhorn Slough areas, the Carmel River and floodplain, the San Antonio and
Lockwood Valleys, and the Peachtree and Cholame Valleys.

Detailed liquefaction susceptibility studies published by the U.S. Geological Survey for the
Monterey Bay region (Dupré and Tinsley, 1980; Dupré, 1990; Pike and others, 1994) provide a
framework to evaluate the relative liquefaction susceptibility of geologic materials in Monterey
County. For the area south of Salinas, the USGS methodology was followed with the
assumptions that the age, near-surface stratigraphy, and physical and engineering properties of
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the Quaternary sediments were similar to their mapped counterparts in the northern part of
Monterey County.

The type and distribution of geologic materials were mainly determined from geologic and
soil maps. Each geologic unit in the database was assigned a high, moderate, or low liquefaction
susceptibility based on age, lithologic type, depositional environment, and correlation with
similar units with engineering properties that were well defined by field and laboratory testing.
Because of the regional focus of this study, there was no comprehensive integration of
engineering borings and water well logs to refine the assumed geologic conditions. Areas that
liquefied in the 1906 San Francisco or 1989 Loma Prieta earthquake as mapped by Youd and
Hoose (1978) and Tinsley and others (1998) were overlaid on the liquefaction map to confirm
the zonation.

Current systematic shallow ground water level measurements do not exist for most of
Monterey County. In this study, records of the highest historical ground water levels were used
in evaluating the liquefaction susceptibility. The best available information on historical high
water levels are the reports by Lapham and Heileman (1901) and Hamlin (1904). Lapham and
Heileman (1901, plate 77) show that depth to water is less than 10 feet along the Salinas River
floodplain from Elkhorn Slough southward to Chualar, as well as in several now-dry unnamed
lakes. Hamlin (1904) tabulated water levels for 270 wells in the Salinas Valley from the mouth
of the river southward to King City. Of these wells, most along the river had water depths of
about 10 feet and the wells on the alluvial fans had water levels of 20 feet or deeper, with a
median depth to water of 15 feet. Hamlin did not specify how many of these water levels
represent artesian (confined) aquifers or shallow perched aquifers. However, Carpenter and
Cosby (1929, p. 76) noted that in irrigation wells along the Salinas River, “... the level of water
in the wells apparently corresponds to the elevation of the water in the near-by channel of the
Salinas River, indicating a close relationship between this stream and the underground water
supply.” Based on these observations, areas of Holocene alluvium were assumed to be saturated
because irrigation and releases from the San Antonio and Nacimiento Reservoirs into the Salinas
River keep water levels shallow along the Salinas River year-round.

In order for liquefaction to occur, susceptible deposits need a large enough level of ground
motion during an earthquake. Although the statewide CDMG probabilistic seismic hazard maps
allow reasonable estimates of ground motions, the specific engineering characteristics of the
sediments on a countywide scale are not known. Therefore, it is difficult to predict whether a
deposit will liquefy at a certain shaking level. However, because the peak ground acceleration
with a 10 percent probability of being exceeded in 50 years is 0.35g or greater for the alluvial
basins in Monterey County, it is likely that ground shaking levels that are strong enough to cause
liquefaction are present in all the alluvial basins in Monterey County (Petersen and others, 1999).
Detailed analysis of geotechnical borings would constrain which sediments were most
susceptible to liquefaction at a specific shaking level. As recommended in CDMG Special
Publication 118, the following areas are considered liquefaction hazard zones (CDMG, 1999):

1. ‘Areas known to have experienced liquefaction during historic earthquakes.

2. Areas of encompassed fills containing liquefaction susceptible material that are saturated,
nearly saturated, or may be expected to become saturated.

3. Areas where sufficient existing geotechnical data and analyses indicate that the soils are
potentially liquefiable.
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4. Areas containing young (less than 15,000 years) soils where there are limited or no
geotechnical data. '

The main criteria used in this study were items one and four. Estimated ages of geologic
materials are included in the GIS database. Fill is not mapped on a countywide scale, so item
two was not used. The scope of this study did not allow a complete review of the thousands of
geotechnical boring logs contained in the Monterey County Planning Department library, so item
3 was used only locally. A more detailed study would include detailed analyses of the boring
logs in the county files and in the incorporated Salinas Valley cities. An example of the
liquefaction zonation is shown in figure 2. Note that figure 2 has a 1-mile-wide buffer zone on
each side of U.S. Highway 101 to illustrate the use of GIS for highway and lifeline planning.

Ve .
1-mile-wide

Figure 2. Liquefaction zonation along Highway 101 corridor, south of Salinas.

Landsliding

Landslides are common in Monterey County due to the combination of the rapidly uplifting
mountains, locally fractured and weak rocks, and intense rainfall along the coast. Some of these
landslides formed millions of years ago and are presently stable, whereas others are much
younger and unstable. In general, existing geologic maps greatly underrepresent the distribution
of landslides are in Monterey County because of their focus on bedrock geology.

The landslide database rates the relative earthquake-induced landslide susceptibility of
Monterey County. Although rainfall-induced landslides are more common than those caused by
earthquakes, the correlation between rainfall thresholds needed to initiate landslides in the
various parts of the county is unknown, making it difficult to realistically model rainfall-induced
landslides. Therefore, a model that uses fairly well characterized variables such as relative rock
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strength and slope inclination is more appropriate. The model for earthquake-induced
landsliding developed by Wieczorek and others (1985) was used in this study with several
assumptions.

The geologic strength data and slope inclinations were evaluated using a simplified version
of the methodology developed by Wieczorek and others (1985) for their analysis of earthquake-
induced landsliding in San Mateo County, California. Wieczorek and others (1985) used the
Newmark method to estimate the amount of ground displacement of a landslide caused by an
earthquake. Because of the lack of engineering data such as cohesion and shear strength for
most of the rock units in Monterey County and the lack of near-field strong motion records (with
the exception of the sparsely settled Parkfield district) it was not possible to calibrate the San
Mateo County methodology for Monterey County. However, because many of the same
geologic units and faults are present in both San Mateo and Monterey Counties, these
simplifying assumptions are appropriate.

The model by Wieczorek and others (1985) divides rock units into three categories: category
A (crystalline rocks and well-cemented sandstones), category B (unconsolidated and weakly
cemented sandstones, and category C (shales and clays). In Monterey County, category A
consists of granitic and metamorphic basement and hard Cretaceous sedimentary rocks; category
B consists of Tertiary sandstones and Pleistocene alluvial fan deposits; and category C includes
most of the Franciscan Complex, serpentinite, the Monterey Formation, the Pancho Rico and
Paso Robles Formations, and unconsolidated Quaternary deposits. The ratings are subjective and
based on similar classifications by Wieczorek and others (1985), descriptions of similar units by
Ellen and Wentworth (1995), and professional judgment.

The landslide susceptibility database is based on analysis of geologic and topographic data.
Geologic units in the geology database were reclassified into three categories based on their
assumed strength characteristics. The vector strength polygons were then converted into a raster
grid with a 200-foot cell size. Digital terrain data was from the U.S. Geological Survey National
Elevation Dataset (NED), which has a 30-m resolution for Monterey County. Slope inclinations
were derived from the NED files using ArcView Spatial Analyst software. The resultant values
of geologic strength grid and the slope inclination were calculated for each cell and reclassified
into the “high, moderate, and low” categories. Finally, the raster map was converted into a
vector map. As a result of the raster-to-vector conversion, there were many areas of less than a
few acres, giving the map a patchy appearance. To simplify the map, the data boundaries were
smoothed using four passes of the ArcView “boundary clean” and “region group” tools. This
modification slightly sacrifices accuracy for an easier to use map and is not a significant
limitation for the countywide scale of mapping.
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GEOLOGY AND LANDSLIDE MAPPING ALONG HIGHWAY CORRIDORS IN CALIFORNIA:
FACTORS INFLUENCING LANDSLIDE POTENTIAL
Wills, Chris - J., Manson, Michael W., and Wagner, David, L.,
California Geological Survey,
i 801 K St. MS 12-31, Sacramento, CA 95814

ABSTRACT

Geologists with the California Geological Survey have mapped landslides along four highway
corridors: Highway 50 in the Sierra Nevada, Highway 101 in the northem Coast Ranges,
Highway 1 along the Big Sur Coast and Highway 60 across the San Timoteo Badlands of
Riverside County. Additional studies are underway in the northem Coast Ranges and in the
Transverse Ranges (Figure 1). For each highway corridor, we prepare a geologic map and a
landslide inventory map, then prepare a map showing those landslides most likely to affect the
highway and descriptions of the types of movement that could be expected. Bedrock geology is
complied from previous maps and modified, commonly with Quatemary geology and landslides
added. The landslide map classifies each landslide by type, recency of activity, and confidence
of interpretation. Our mapping shows that the number, activity, and type of landslides is related
to the underlying geology, climate and slope steepness.

Along Highway 50, igneous and metamorphic rocks have been weakened by deformation and
deeply weathered. Active landslides occur along or near boundaries between different rock
types and where partings and shears in bedrock parallel the slope, causing out of slope
movement. In the Highway 101 corridor, Franciscan complex bedrock includes "broken
formation", hard blocks of sandstone separated by weak beds, and shear zones and "melange",
weak sheared clay and shale. Broken formation has large, deep masses of rock that slide on
narrow zones of weakness. Melange typically fails as earthflows. The short Highway 60 corridor
crosses very steep hills of poorly consolidated sands and gravels. Few large slides occur in
these materials, but major storms in 1938, 1969 and 1998, each triggered hundreds of small
debris flows on the slopes near the highway.

On The Big Sur coast, uplift of the Santa Lucia Mountains and continuing wave erosion has
formed precipitous slopes in many units. South of Hurricane Point, wave erosion of weak rocks
undermines harder but faulted and fractured rocks on a steep slope. In Big Sur, deeply
weathered metamorphic rocks of the Sur complex are susceptible to debris flows when heavy
rains follow a wildfire. The bedrock at Julia Pfeiffer Bums State Park is relatively landslide-
resistant, but failed in response to the extraordinary rainfall of 1983. At Lucia, the rocks are so
weak that the wave erosion at the base of the slopes and typical rainfall is sufficient to cause
sliding. South of Pacific Valley, weak seams of serpentinite cut the weak bedrock, leading to a
concentration of large, active landslides.

GEOLOGIC SETTING OF HIGHWAY LANDSLIDES

California is divided into 11 geomorphic provinces with distinctive geologic characteristics,
including bedrock types, amount and type of folding or faulting, as well as landforms (Jenkins
1938, Wagner, 1997). One aspect that is common in nine of the 11 provinces is landsliding. The
mapping of landslide hazards by the Califomia Geological Survey for Caltrans began in
response to the 1997 Mill Creek Landslide, which closed Highway 50 across the Sierra Nevada
for 27 days. Following mapping of the Highway 50 corridor, CGS has mapped highway corridors
in the Northern Coast Ranges, Peninsular ranges and Transverse Ranges. The geologic
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composition and deformation of each of these areas leads to differing styles and severity of
landslide hazards as discussed below.

The Sierra Nevada is a tilted fault block nearly
400 miles long. Its east face is a high, rugged
multiple scarp, contrasting with the gentie
western slope (about 2° ) that disappears under
sediments of the Great Valley. Deep river
canyons are cut into the western slope. Their
upper courses, especially in massive granites
of the higher Sierra, are modified by glacial
sculpturing, forming such scenic features as
Yosemite Valley. The metamorphic bedrock
(stili partly capped by Tertiary voicanics),

‘ contains gold-bearing guartz veins of the
N ' Mother Lode system; a north-south structural
Mojave ™ trend is predominant in the western flank and
o Desert 4, northern end of the Sierra.

Y Highway 50 crosses the Sierra by following the
RS ooty canyon of the south fork of the American River.
JoemmETT The corridor that we studied includes the
’ metamorphic rocks of the Sierra foothills and
the granitic rocks of the High Sierra. Landslide
hazards are related both the deeply weathered
mafic metmorphic rocks, and to previously

unmapped areas of granitic grus that could be

Figure 1. Geomorphic provinces of California
showing the location of highway corridor
landslide studies that have been completed or
are underway.

ihe source of debris flows.

The Coast Ranges are mountain ranges and valleys that trend northwest, subparailel to the San
Andreas Fault. The province terminates on the east where strata dip beneath alluvium of the
Central Valley, on the west at the Pacific Ocean with mountains rising sharply from the coast,
and on the south at the Transverse Ranges. The Coast Ranges are composed of thick late
Mesozoic and Cenozoic sedimentary strata. The San Andreas fault extends more than 800
miles through the Coast Ranges and to the south, from PL Arena to the Gulf of California. The
Salinian block to the west of the San Andreas has a granitic core.

South of Cape Mendocino, the province is characterized by northwest-trending mountain ranges
and valleys bounded by right lateral strike slip faults. North of Cape Mendocino, active
subduction of the Juan De Fuca plate beneath the North American plate leads to active
compressional tectonics and uplift. Partly because of this change in tecionics, the northermn
coast ranges do not have the broad northwest-trending valleys that make natural transportation
corridors in the southern Coast Ranges. Highway 101 north of Eureka follows the coast and the
valleys of several minor streams but is forced to climb or traverse numerous steep slopes.

Rocks of the northern Coast Ranges are typically sedimentary rocks of Cretaceous through
Tertiary ages. The most widespread unit is the Franciscan Complex, composed of graywacke
sandstone, highly sheared shale and several other rock types including serpentineg, greenstone
{metamorphosed volcanic rocks), and chert. All of the rock types tend to be weak, shearad
rocks or overlying unconsolidated deposits. Along Highway 101 in Del Norte County and
Highway 1 in Sonoma County, wave erosion at the base of sea ¢liffs has maintained steep

184



slopes in these weak rocks. Along Highway 101 in Mendocino County, incision by the Eel River
results in similarly steep slopes.

Along the Big Sur coast, the tectonics are dominated by strike-slip movement on the San
Andreas and San Gregorio, Sur- Nacimiento and Hosgri systems. Nevertheless, this area is
noted for dramatically high, steep slopes, which rise from sea level to over 3000 feet within less
than three miles. The Big Sur corridor along Highway 1 has a richly varied geologic composition,
which has lead to an abundance of a wide variety of landslides.

Much of the Highway 1, Big Sur corridor is underiain by sheared shale and graywacke of the
Franciscan Complex, as described above. The northem part of the Highway 1, Big Sur corridor
is within the Salinian Block, a block of distinctive rocks is bounded by the San Andreas fault on
the east and the Sur-Nacimiento faults on the west. In contrast to the areas underiain by the
Franciscan complex, large areas of the Salinian block are underlain by granitic and high-grade
metamorphic rocks. One of the more extensive areas of granitic rocks is the northern Big Sur
coast. Metamorphic rocks of the Sur complex-and overlying Cretaceous through Miocene
sedimentary rocks underlie the remainder of the Salinian block along the Big Sur coast.

The Transverse Ranges are a complex series of mountain ranges and valleys distinguished by
an anomalous dominant east-west trend, contrasting to the NW-SE direction of the Coast
Ranges and Peninsular Ranges. The Cenozoic sedimentary section is one of the thickest in the
world. The western limit of the province is the island group of San Miguel, Santa Rosa, and
Santa Cruz. The eastem limit, within the Mojave Desert, includes the San Bemardino Mountains
on the east side of the San Andreas Fault.

The Peninsular Ranges are series of ranges separated by longitudinal valleys, trending NW-SE,
subparallel to faults branching from the San Andreas Fault. The trend of topography is similar to
the Coast Ranges, but the geology is more like the Sierra Nevada, with granitic rock intruding
the older metamorphic rocks. The province is generally characterized by northwest-southeast
oriented mountain ranges and valleys bounded by major right lateral strike slip fault zones: the
San Andreas on the east and the San Jacinto and Elsinore through the center of the province.

Highway 60 crosses the northern part of the Peninsular Ranges geomorphic province through a
an area known as the San Timoteo badlands. This area is underiain by the upper Pliocene San
Timoteo Formation, a thick sequence of weakly consolidated, nonmarine, siltstone, sandstone,
and conglomerate.

Geologic mapping

For each corridor, we prepare a geologic map from compilation of existing geologic maps with
additional interpretation of aerial photographs and field mapping. The available geologic maps
commonly have major differences in the identification and location of geologic units, and very
few show any detail in the Quaternary deposits or landslides, which are important for showing
the materials on which the highway was constructed and its stability. To prepare a complete
geologic map of the area, which includes both Quaternary and landslide deposits, we digitize
marty of the existing maps, splice the digital files together, and add our own interpretations and
observations to fill in those areas that lacked complete geologic maps or where existing maps
differed. Differences in mapping and nomenclature are generally resolved by using the most
detailed source of mapping. Field mapping is commonly needed to resolve the differences
between the sources of mapping, add detail of Quatemnary units, and improve the accuracy of
contacts between rock units. The resulting map is usually sufficiently detailed to present at
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1:12,000 scale, although the size of the Highway 1, Big Sur corridor and limited time available
resulted in a 1:24,000 scale map.
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Landslide mapping

For each highway corridor, we have recognized, classified, and mapped landslides based on
their morphology. Landslides displace parts of the earth’s surface in distinctive ways, and the
resulting landforms can show the extent and characieristics of the landslide. Recognition of
these landforms (scarps, iroughs, benches, and other subile topographic feaiures) allows the
geologist {0 recognize, map and classify most landslides. Landslides wers recognized by their
topographic expression, as interpreted from topographic maps and aerial photographs, and
seen in the field. Landslides shown on previous maps and in reports prepared by or for
Caltrans, were checked on aerial photos and in the field, if possible. The boundaries of
landslides from previous work were revised and additional landslides wers added based on
geormorphic interpretation for this investigation.

For each landslide we have attempted to record the characteristics of the slide, gensrally
following the recommendations of Wieczorek {1984). Portrayal of landsiides on the map
includes a pattern, which designates the type of slide (materials and type of movement). The
color of the slide area signifies its level of activity, and the thickness of the outline signifies the
confidence of our interpretation as described below.

Types of landslides

Each iandslide is classified according to the materials involved and the movement type, as
deduced from the associaied landforms. A two-part designation is given to each slide, based on
the system of Cruden and Vames (1996). Materials are called either rock or soil, and scil is
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subdivided into fine-grained (earth) and coarse-grained (debris). This system was designed to
allow a series of names that completely describes the materials and processes involved in a
landslide. We have simplified the system slightly to use it in preparing an inventory map of an
area. We use the terms and definitions of Cruden and Vames (1996), but have attempted to
simplify the designations by listing only the primary classification of a given landslide. For
example, our diagram of a rock slide (see below), is a rotational rock slide-flow in which the
upper part of the slide has moved by sliding, but the lower part has disaggregated and is
flowing. On our map this type of slide is shown simply as a rock slide. Using the Cruden and
Vames system to classify rock versus soil is also complicated by the various vague and
overlapping meanings of those terms in common usage. In California, many geologic formations
are not hard or indurated rock and it is possible to find all gradations between weak, soil-like,
and hard rocks. Our general system is to call material “rock” if it has a geologic formation name
and the original geologic structure can be discerned.

Applying the system of Cruden and Varnes (1996), with the criteria described above, we
generally describe six types of landslides as shown in figure 3.

1 W‘ﬂ A
Debris flow Rock fall Debris slide slope

Figure 3. Diagrams of basic types of landslides, note that the example rock slide could be more
completely described as a rock slide-flow and that the example earth flow is the type typically found
in northern California; a deep composite slump-flow with numerous, ephemeral slide planes.

ROCK SLIDE: A slide involving bedrock in which much of the original structure is preserved.
Strength of the rock is usually controlled by zones of weakness such as bedding planes or
joints. Movement occurs primarily by sliding on a narrow zone of weakness as an intact block.
Typically these landslides move downslope on one or several shear surfaces, called slide
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planes. The failure surface(s) may be curved or planar. In some older classification systems,
slides with curved failure surfaces are commonly referred to as slumps, while those with planar
failure surfaces are called block glides.

EARTH FLOW. A landslide composed of mixture of fine grained soil, consisting of surficial
deposits and deeply weathered, disrupted bedrock. The material strength is low through much
of the slide mass, and movement occurs on many discontinuous shear surfaces throughout the
landslide mass. Although the landslide may have a main slide plane at the base, many intemal
slide planes disrupt the landslide mass leading to movement that resembles the flow of a
viscous liquid. Earth flows commonly occur on less steep slopes than rock slides, in weak, clay-
rich soils or disrupted rock units.

DEBRIS SLIDE: A slide of coarse grained soil, commonly consisting of a loose combination of
surficial deposits, rock fragments, and vegetation. Strength of the material is low, but there may
be a very low strength zone at the base of the soil or within the weathered bedrock. Debris
slides typically move initially as shallow intact slabs of soil and vegetation, but break up after a
short distance into rock and soil falls and flows.

DEBRIS FLOW-: A landslide in which a mass of coarse-grained soil flows downslope as a slurry.
Material involved is commonly & loose combination of surficial deposits, rock fragments, and
vegetation. High pore water pressures, typically following intense rain, cause the soil and
weathered rock to rapidly lose strength and flow downslope. Debris flows commonly begin as a
slide of a shallow mass of soil and weathered rock. Their most distinctive landform is the scar
left by the original shallow slide.

ROCK FALL: A landslide in which a fragment or fragments breaks off of an outcrop of rock and
falls, tumbles or rolls downslope. Rock falls typically begin on steep slopes composed of hard
rocks and result in piles of loose rubble at the base of siope.

DEBRIS SLIDES and DEBRIS FLOWS are commonly found on a landform called a DEBRIS
SLIDE SLOPE, which represents the coalesced scars of numerous landslides that are too small
to depict on a map of this scale. These landforms are generally very steep, and have
developed in areas of weak bedrock mantied with loose, thin soils and covered with sparse
vegetation.

Activity of landslides
Each landslide is classified based on the recency of activity into one of four categories based on
the system of Keaton and DeGraff (1996) (Figure 4).

Active or Historic: The landslide appears to be currently moving or movements have been
recorded in the past. The classification system of Keaton and DeGraff (following Vames, 1978)
uses the term active to mean active in the past year. We therefore combine active with the
classification dormant-historic and use the designation "active or historic" on our maps. In order
to be mapped as active or historic there must be records of movement of the slide or disruption
of man-made features (roads, fences, etc).

Dormant-Young: Classifications besides "active or historic" are based on landslide
geomorphology. For a landslide to be "dormant-young" the landforms related to the landslide
must be relatively fresh. Cracks in the slide mass are generally absent or slightly eroded; scarps
may be prominent but are slightly rounded. Depressions or ponds may be partly filled in with
sediment, but still show phreatophytic vegetation.
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Dormant-mature Dormmant-old

Diagrams from Wieczorek, 1984
Figure 4. Diagrams showing progressive aging of landslide related landforms.

Dormant-Mature: In dormant-mature slides the landforms have been smoothed by erosion and
re-vegetated. The main scarp is rounded, the toe area has been eroded and some new
drainages established within the slide area. Benches and hummocky topography on the slopes
are subdued and commonly obscured by dense, relatively uniform vegetation.

Dormant-Qld. In dormant-old slides the landforms related to the landslide have been greatly
eroded, including significant gullies or canyons cut into the landslide mass by small streams.
Original headscarp, benches and hummocky topography are now mostly rounded and subtle.
Closed depressions or ponds are filled in. Vegetation has recovered and mostly matches the
vegetation outside the slide boundaries.

Confidence of interpretation

Each mapped landslide is also classified as a definite, probable, or questionable. Because
landslides are mapped based on their landforms, the confidence of identification is dependent
on the distinctness of those landforms. Confidence of interpretation is classified according to the
following criteria:

DEFINITE LANDSLIDE. Nearly all of the diagnostic landslide features are present, including but
not limited to headwall scarps, cracks, rounded toes, well-defined benches, closed depressions,
springs, and irregular or hummocky topography. These features are common to landslides and
are indicative of mass movement of slope materials. The clarity of the landforms and their
relative positions clearly indicate downslope movement.
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PROBABLE LANDSLIDE. Several of the diagnostic landslide features are observable, including
out not limited to headwall scarps, rounded toes, well-defined benches, closed depressions,
springs, and irregular or hurmnmocky topography. These features are common to landslides and
are indicative of mass movement of slope materials. The shapes of the landforms and their
relative positions strongly suggest downslope movement, but other explanations are possible.

QUESTIONABLE LANDSLIDE. One or a few, generally very subdued, features commonly
associated with landslides can be discerned. The area typically lacks distinct landslide
morphology but may exhibit disrupted terrain or other abnormal features that vaguely o strongly
imply the oceurrence of mass movement.

Landslide maps

Each of our landslide maps depicts the three most important landslide classification categories
{type, activity and confidence of interpretation) graphically. Our maps of highway corridors
differentiate the type of movement by a pattern, the activity by & range of colors and confidence
of interpretation by the thickness of the outline of the mapped landslide (Figure 5).

Each landslide is also classified by @ number of other factors not presented on the map, but
listed in the accompanying database table. The records in the database table include a unigue
number for each landslide and a listing of the quadrangle name. Other factors recorded for
each landslide are: depth, described as shallow, medium or deep, direction of movement,
primary and secondary geoclogic unit and lithology, area and perimeter.
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Factors that influence landslide hazards along highway corridors

The inclination of slopes, their underlying rock types and geologic structures, landforms, rainfall,
and modification of slopes for roadway or other construction all influence the slope stability
along the highway corridors that we have mapped to date. Each of these factors influences the
type and abundance of landslides, but the geologic materials probably have the greatest effect.

Slopes where we have mapped landslides range from moderate to extremely steep. The
steepest slopes are along the sea cliffs along the Big Sur and Del Norte coasts. In Big Sur,
some sea cliffs are as steep as 150% and as high as 400 feet. More typically sea cliffs are
about 200 feet high and have about 100% slopes. Slopes to the crest of the ridge above the
highway are not so precipitous, but many slopes as steep as 50 to 60 % extend to the ridge
crests at over 2000 feet. Slopes at Last Chance Grade along Highway 101 in Del Norte County
are almost 1000 feet high and average steeper than 60% slope. Most landslides on these very
steep slopes involve shallow soil and loose rocks, moving as debris slides and rock falls.

Steep slopes are formed and maintained by the uplift of the mountains combined with wave
erosion along the coast. Wave erosion removes loose rock deposited at the base and
undermines the base of slopes, triggering landslides. The effect of wave erosion is greatest
where steep high slopes extend upwards from the beach, without intervening marine terraces,
and where weak rocks are found at sea level. This effect is especially clear in Big Sur on the
southwest side of Sierra Hill where weak rocks of the Pismo Formation are exposed at sea
level. Erosion of those rocks contributes to the instability of the harder rocks higher on the
slopes.

Bedrock geology also has a very strong influence on the types and activity of landslides. The
rock units that we have mapped range from massive, hard rocks with few fractures (notably the
charnockitic tonalite and granitic rocks of Big Sur) to weak rock with pervasive shear surfaces
and fractures (the Franciscan melange). Bedrock geology also has a very strong influence on
the types and activity of landslides. Within the Franciscan complex, hard blocks of sandstone
separated by weak beds and shear zones, tends to result in large, deep masses of rock that
slide on narrow zones of weakness. Melange, consisting of weak sheared clay with little
remaining rock-like structure, typically fails as earthflows. Even within areas mapped as
melange, zones of serpentine appear to be weaker that the surrounding rocks, leading to large
rock slides.

The chamockitic tonalite of Big Sur is less prone to large rotational landslides and forms very
steep slopes along the coast. Those slides that have occurred historically, however, have been
large and very damaging, notably the 1983 McWay (or J.P. Bums) slide. The granitic rocks on
the northern part of the Big Sur coast, the quartz-diorite, granodiorite and granite, are similarly
resistant to large landslides, though some slides are found in all units.

Even the weathering characteristics of bedrock units can be important factors in controlling the
size and density of landslides. In Big Sur, the chamockitic tonalite, Sur complex gneiss and
amphibolite, and the granitic rocks have significant differences in surface weathered zones. The
depth of weathering is partly controlled by the original mineralogy of the rock units. Ross (1979)
reports that the main mafic mineral in the granitic rocks and the gneiss is biotite, which makes
up 12 - 13% of two samples of the quartz diorite and 8% of one sample of the gneiss. The
charnockitic tonalite in contrast has only 1 to 5% biotite (Ross, 1979). Biotite typically weathers
very rapidly to clay minerals, expanding and breaking down the rock as it does so. We observed
that the granitic rocks and gneiss, but not the charnockitic tonalite, typically have deep zones of
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decomposed rocks at the surface, resulting in common shallow debris flows. The charnockitic
tonalite, by contrast, usually has a very thin rubbly soil layer on the lower slopes and very few
debris flow scars.

Precipitation is a major factor influencing landslides. But its effect varies across the state. The
segment of Highway 101 in Del Norte County passes through one of the highest rainfall areas in
California. According to the Oregon Climate Center the area averaged over 100 inches of
rainfall per year between 1961 and 1991. The Big Sur segment of Highway 1 receives up to 60
inches of rainfall annually, up to four times as much as the Salinas Valley on the landward side
of the Santa Lucia Mountains. The Highway 60 corridor through the San Timoteo Badlands, in
contrast received averaged less than 15 inches of rainfall per year . The rainfall in this area,
however comes as very intense storms of short duration. Although the average rainfall for any
day of the year is less than 0.4 inches, extreme events may result in up to 4 inches of rainfall in
24 hours (Western Region Climate Center, 2000). These shorter term, but very intense rain
storms tend to de-stabilize the shallower types of landslides, such as debris slides and debris
flows.

Wildfires also contribute to the triggering of debris flows. In areas covered by dense chaparral, a
hydrophobic soil layer may form after a wildfire, causing more rapid runoff and a greater
potential for mobilization of debris from lower slopes and small channels. On the Big Sur coast,
the effect of fire on debris flow potential has been most clearly shown in the Big Sur River
watershed, where a fire in 1971 was followed by debris flows in 1972 (Jackson, 1977). Other
areas with deeply weathered bedrock and colluvium, mainly the granitic rocks and Sur compiex
metamorphic rocks, also appear to be susceptible to the fire-flood-debris flow sequence.

The effect of wildfire on potential for debris flows in the Highway 60 corridor across the San
Timoteo Badlands appears to be opposite of the expected pattern. Morton (1989) found that a
hydrophobic soil layer formed in areas or the San Timoteo badiands burned by a wildfire in
1968, but that far fewer debris flow scars were found on burned than unbumed slopes after the
major storms of 1969. In this area of short, very steep slopes with relatively little debris stored
in the channels, the faster runoff due to lack of vegetation and presence of the hydrophobic
layer may decrease the potential for debris flows.

The landforms created by landslides, in some cases, help to perpetuate the slides. Closed
depressions, troughs and benches that commonly form near the scarps of landslides allow
increased percolation of water into the slide mass and along the slide plane, accumulate
rainwater and destabilize the slide. Shallow debris slides may destabilize the adjacent upsiope
area when they move, leading to retrogressive failures.

Highway construction and maintenance across marginally stable and unstable slopes has also
contributed to the triggering of new or renewed movement on landslides. Along older highways
such as Highway 1, along the Big Sur coast, original construction of the highway left many steep
cut slopes above the road. Blasting used during the original construction, left loose and
fractured rocks on many steep cut slopes, which has contributed to rock falls and small debris
slides.

Even when blasting was not used during construction, creating a cut siope in marginally stable
material can trigger small slides. This type of sliding, including retrogressive failures, was
probably extensive in the 10 to 20 years after construction of some older highways. More
recently, repairs and maintenance have led to similar failures. Along the Big Sur coast at
“Pitkin’s Curve” (P.M. 21.5) a landslide below the highway led Caltrans to move the highway to

192



the southeast, off of the slide. A cut slope was required to move the highway inland. That cut
slope in weak, loose debris and weathered rock rapidly failed, leading to retrogressive failure of
the entire slope above the cut to the ridge crest (Figure 4)

Other construction practices that can contribute to landsliding are the placement of fill onto an
existing slide mass, and the directing of runoff onto loose materials or unstable slopes.
Ptacement of fill onto landslides may increase the driving forces causing the slide to move. This
is clearly happening along the Big Sur coast at the Willow Creek landslide (P.M. 11.8), where
Caltrans has moved the highway to the east, so that most of the highway is off the landslide.
The relatively flat area overlying the landslide has been used as a disposal site for debris from
the Pitkin's Curve area mentioned above. The placement of that debris as fill over the landslide
has increased the driving forces on the landslide and probably increased its rate of movement.
We observed ridges of pushed up material and open fractures at the toe of the landslide, as well
as fractures and scarps at roadway level, indicating active movement of the sfide since the fill
was placed in the spring of 2001.

Direction of runoff onto loose material or existing landslides is common along roadways in
mountainous areas and requires very careful construction and maintenance to avoid. We
observed numerous culverts in several of the highway corridars that were contributing to erosion
and probably small landslides below the highway.

CONCLUSION

The California Geological Survey has completed geologic and landslide maps for over 120 miles
of corridors along major highways in California. Mapping is underway in an additional 45 miles
of highway corridor. For each corridor, we have classified landslides by type and recency of
activity and described the possible consequences of landslide failure.

Within the varied geologic environments and terrain of California we find that several factors
influence the type, numbers and activity of landslides. The physical properties of the geologic
units are one of the most important among these factors. On the most basic level, soft, intensely
sheared bedrock of the Fransican complex melange tends to fail as earthflows and weakly
cemented sandstone of the San Timoteo formation tends to fail in debris flows. Geological
details can have improtant influences on the type and activity levels of slides. On the Big Sur
coast, large active and dormant-young rockslides are common in Franciscan complex rocks
where there are more common shear zones with serpentine along them. Farther north, the
Charnockitic tonalite has low biotite content and few debris flows but the granodiorite has higher
biotite content and abundant debris flows.

Detailed maps of the geology and landslides along highway corridors in California allows the
California Department of Transportation to consider the geologic hazards and potential
landslides in planning for construction projects and contingency planning for landslides. Already
corridor maps prepared by the California Geological Survey have been used in evaluation of
repair or bypass options for a unstable portion of Highway 101 and in the long-term planning for
landslide mitigation and repair along Highway 1 along the Big Sur coast. With the completion of
maps for additional corridors we hope that we are increasing the ability of Caltrans to
understand the geologic environments of landslides and thereby plan for and mitigate the
hazards.
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| = 70 Corridor Programmatic Environmental Impact Study

Richard Andrew P.G. and Jonathan R. Lovekin, P.G.
Yeh and Associates, Inc.

Abstract

The recent rise in Colorado’s population has led to detailed studies for options to increase
the transportation capacity of the I-70 corridor. This corridor is the primary access route
through the mountains of Colorado for trucking industries as well as recreation and
tourist activities. Yeh and Associates was responsible for performing the geotechnical,
geological, and hazardous materials evaluation of the programmatic environmental
impact study of the I-70 corridor from Denver to Glenwood Springs, Colorado. This
project involved identifying and describing the geologic and soil conditions along the
highway and the potential hazards and engineering constraints posed to the present and
proposed highway system by these conditions.

The geologic hazards identified include; rock fall, debris flows, landslides, avalanches,
collapsible and swelling soils, and the hazards related to past mining activity such as
heavy metals in mill tailings and mine subsidence. The study area varied but generally
encompassed the I-70 corridor and the ground to the ridgelines on either side. Through
research of existing maps, aerial photos, and site-specific studies, a geologic hazards
inventory map was produced.

The second phase involved observation of each geologic condition that affects the
existing I-70 corridor. Preliminary field verification was conducted to verify the hazards
and their impacts on current and proposed alignments. Evaluation included the history
(cause, origin) and the current condition (size, materials, stability) of the hazard as well
as any mitigation procedures previously performed. In addition, alternative routes for
tunnels were investigated for future expansion of the highway and/or railway.

INTRODUCTION

The scope of the first phase of the project was to describe known, existing geologic
hazards along the existing I-70 corridor from the intersection of C-470 in Denver to
Glenwood Springs. The total project length is 144 miles. These hazards include rockfall,
landslides, debris flows/ mudslides, avalanche chutes, collapsible soils, mine tailings
piles, and mine subsidence. Swelling soils were including in the initial scope of the
project, but were later discarded because none were found within the project area. The
focus of the study includes the encompassing valleys as well as all the drainages on either
side of the valley that contribute to these basins.
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The second phase expands on the results of the first phase. Each geologic hazard that
affects the existing I-70 corridor was observed and a preliminary evaluation was
conducted in the field to verify the current condition of the hazards and their impacts on
the current alignment. Three more geologic hazards were added during this phase: 1)
rapid settlement, 2) potential for acidic and highly mineralized water in road cuts, and 3)
potential for seismic activity. Evaluation included history (cause, origin), the current
condition (size, materials, stability), and any mitigation procedures performed. It also
included a preliminary field evaluation of risks associated with building a highway near
or through each identified hazard area.

A geologic hazards inventory map of the entire I-70 corridor, identifying the location and
rating of the hazards was developed from the literature review and field mapping. The
map is on a topographic base with a scale of 1:24,000.

Following the field identification phase, a ranking was applied to the geologic hazards
based on the following criteria:

. EXTREME (DO NOT DISTURB)
Impact of hazard on highway is so great that any disturbance of the hazard
for highway improvements is not recommended

J HIGH
Impact of hazard on highway is great

o MEDIUM
Impact of hazard on highway is moderate

. LOW
Impact of hazard on highway is low

. NOT PROBLEMATIC
Natural hazard does not cause a problem to current or future highway
improvements to the existing alignment

In addition, possible mitigation alternatives were identified for each type of hazard
identified along the corridor. This information can be used to assist in prioritizing
projects along the corridor and for cost estimates for the required corresponding
mitigation.

Mining Related Hazards in Clear Creek County

A separate investigation was done to identify mining-related hazards along the corridor.
The study encompassed hazards such as unstable tailings, contaminated tailings,
groundwater contamination, and airborne contaminants. Several individual sites were
discussed and evaluated. Work in this investigation was limited to compilation of
existing reports and studies. No new lab tests or fieldwork was done at this stage.
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Alternative Alignment Evaluation

Yeh and Associates provided input on alternative alignments identified by the project
team. Evaluation included the potential impact to identified geologic hazards,
geotechnical design considerations and impacts on known mining hazards. In addition,
alternative routes for tunnels were investigated for future expansion of the highway
and/or railway.

LITERATURE REVIEW

Data for this project was
collected continuously. As data
was gathered, it was added to
topographic base maps.
Sources of information include
geologic and land use maps,
research papers and
publications, site-specific
studies, construction and
> mitigation reports, field trip
7' MEADOW . - . guides, aerial photo, and
oo supe . Fa-t  interviews with fellow

R ' engineers and geologists.
Figure 1 is from the Colorado
Landslide Hazard Mitigation
Plan, one the many references
' W used in the compilation of
* % previous studies.

MINTUR

Figure 1. Dowd Junction Landslide Complex, For mfm:matlon that seemed to
(Jochim et al, 1988) have a high level of
dependability, the geologic

hazards were outlined and colored. For information that was questionable, it was given a
question mark. Features that were very uncertain were labeled, but left uncolored.
Boundaries for the study area were drawn to include the encompassing valleys as well as
all the contributing drainages on either side of the valley. In order to keep the extent of
the study area reasonable, only a short distance into each tributary was included. Towards
the end of the first phase, aerial photos were consulted in order to verify the information
gathered, as well as identify new features.

FIELD CHECKING

The second phase of the study involved field checking the results of the literature review.
The staff geologist visually inspected each geologic hazard on the maps, verifying the
type of hazard and adjusting the boundaries where necessary. More attention was given to
accurately assessing the nature of the hazard than to defining the boundaries in detail.
Features that did not concur with their original designation were changed. Sometimes
features were eliminated, being reclassified as something other than one of the hazards
defined in this study (i.e. alluvial fan, colluviun/ slope wash, soil creep).
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“Undifferentiated Hazards” from USGS 1°x 2° map as described in Phase I are
questionable areas. If a geologic hazard was located during field checking of these areas,
the hazard would be mapped, and the “undifferentiated” designation removed. However,
if no recognizable feature could be discerned, then the area was dismissed.

Geologic Hazards

A geologic hazard is defined as a geologic process that is a risk or potential danger to
human life or property (Rahn, 1996). The varied and complex geology and geomorphic
process has led to the development of the several zones of instability and marginal
subsurface material. Although a natural process, these features can pose a risk to humans
either directly by an encounter with the hazard or indirectly through effect of the hazard
on roadways, railways or buildings. Conditions that may adversely affect the humans
and/or the proposed improvements in the corridor include: faults, adverse rock structure,
poor rock quality, and existing geologic hazards (debris/mudflows, rockfall, landslides,
avalanche, and collapsible soils).

Landslides include the movement of both competent material (rock slides) and
incompetent material (debris slides). Debris flows and rock fall are subcategories of
landslides, but for clarity, were broken down into differing modes of failure. Landslides
are distinguished from debris flows by the method and means for transport of the material
downslope. Unlike flows, slides occur along a defined slip surface, and usually have a
defined scarp at the head forming a step like appearance.

e Tiee
AL

S

Figure 2. Watrous Gulch Debris Flow
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South facing slopes along the Corridor are usually characterized by a lack of vegetation,
and thin, dry soil. These conditions are more susceptible to smaller scale debris flows
and rockfall. Landslides and large-scale debris flows are more common on north facing
slopes that are characterized by dense vegetation cover, a thick soil mantle and higher
soil moisture. The exception is The Watrous Gulch debris flow that occurs on the south
facing slopes of Mount Parnassus (Figure 2). This flow originates from elevations in
excess of 12,000 feet, which contributes to the extreme climatic conditions that cause all
of the flows along the Corridor. The frequency of slope failures on north facing slopes is
much less than that of south facing slopes for the majority of the debris flows, but the
magnitude of any slide is much greater.

There are many conditions that can affect a slope and lead to rockfall and usually more
than one factor contributes to a failure. For rockfall to occur there must be geological
factors such as rock type, structure, and discontinuity characteristics. Different types of
rockfall occur in differing geologic situations, as mitigation differs for different
scenarios. The conditions that cause rockfall generally fit into one of two categories.
One is the case where joints, bedding planes, or others discontinuities are the dominant
structural feature of a rock slope. The other is the case where differential erosion or
oversteepened slopes are the dominant e -
condition that causes rockfall
(Andrew, 1994). The most active
rockfall area identified in the Corridor
occurs along the Georgetown Incline
(Figure 3). The frequency of rocks
impacting the existing highway can
occur daily.

Avalanches in the study area occur
where a large mass of snow or ice
moves rapidly down a mountain slope.
Avalanche chutes appear as elongate,
narrow, barren scars on a
mountainside normal to the strike of
the valley. Often, a fan-shaped
deposit is found at the base of an
avalanche chute. Other avalanches
can form during periods of high wind
causing the rapid accumulation of
snow on cliff faces. The most active
avalanche zones occur near the east
and west approaches to Eisenhower
Tunnel.

The geologic structure, slope .
configuration, precipitation, wind, Figure 3. Georgetown Incline Rockfall Area
and extreme temperature fluctuations
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all contribute to geologic hazards
along the Corridor. The climate
includes wetting and drying,
precipitation, freeze-thaw, and
snowmelt. The slopes can be
highly susceptible to erosion with
little vegetation cover on most of
the slopes.

Additional hazards were identified
and mapped in the second phase.
These include 1) rapid settlement,
2) potential for highly mineralized
water in road cuts, and 3) potential
for seismic activity. The latter two
were mapped, but were not field-

Figure 4. Avalanche Chutes, West Portal checked. Several mining-related

Eisenhower Tunnel hazards were researched, but were

not mapped. These include

Potential for Mine Blowouts, Water Contamination from Mine Tailings & Tunnels, and
Airborne Particulates from Tailings.

RATING SYSTEM

This third phase of the project was done concurrently with the field checking. It involved
rating each geologic hazard based upon its impact on the existing Highway I-70
alignment, specifically how it affects future improvements to the highway. The Colorado
Rockfall Hazard Rating System (Andrew, 1994) was used to identify and evaluate
existing rockfall hazards. During the program, numerical ratings were given by
maintenance personnel to quantify the frequency and/or size of the observed rockfall
events. The scale ranged from 0 to 4, with 4 depicting the most frequent rockfall activity.

There are five degrees of severity that make up the overall geologic hazard rating system.
EXTREME (DO NOT DISTURB), HIGH, MEDIUM, LOW, and NOT
PROBLEMATIC. Each classification is defined below. A hazard should meet a majority,
not necessarily all, of the criteria listed, and each criterion is weighted differently.

e EXTREME (“A”)
o Impact of hazard on I-70 is so great that any disturbance of the hazard
for highway improvements is not recommended

e HIGH (“B”)
o Impact of hazard on highway is great
o Visual evidence of very recent activity [frequent recurrence interval)
= Landslides/ Rock Slides (LS): head scarps and slumps, young
vegetation (small aspens, grasses), tilted fences or utilities,
surface is hummocky
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Debris Flows and Mud flows (DF): known recent flow activity,
young or no vegetation, mud cracks on surface, usually no
buildings present

Rockfall/ Talus Slopes (RF): highly fractured bedrock, rock
face is at steep angle, talus on slope below, no catchment
besides the highway, rockfall rating of “4” on maintenance
records (Andrew, 1994)

Avalanches (AV): well defined avalanche chute that is deep
and contains no trees, limited or no runout zone besides
highway

Mine Subsidence (MS): known recent subsidence, mines
developed in poor quality rock or unconsolidated material
Collapsible Soil (CS): none. Not a high-risk event.

Rapid Settlement (RS): all. No variation because only applies
to a single location.

o Iffailure,

Long-term loss of service to highway-impedance of full
roadway, road not traversable or driver must stop
Immediate mitigation needed

o No mitigation previously done

e MEDIUM (“C”)
o Impact of hazard on highway is moderate
o Generally less than 500’ from highway
o Visual evidence of somewhat recent activity

LS: no visible scarps or slumps, vegetation is intermediate
stages (tall aspens, some evergreen), utilities and fences stand
straight, surface is hummocky

DF: Debris flow deposit still visible, young vegetation and
thick colluvium on surface, only minor engineering structures
present

RF: highly fractured bedrock, little or no talus on slope below,
rock face at moderate to steep angle, limited catchment area,
rockfall rating of “3” or “2” on maintenance records (Andrew,
1994)

AV: chute is not active every year, runout zone may or may not
reach highway

MS: none. Either HIGH or LOW

CS: known recent collapse of soil, cracks in pavement

RS: none. Only HIGH.

o If failure,

Moderate loss of service to highway, impedance to less than
half of the roadway, driver must slow down

Long-term mitigation needed

Periodic maintenance required
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o Some limited or partially effective mitigation may have been done in
the past

LOW (“D”)
o Impact of hazard on highway is minimal
o Generally more than 500° from highway (except rockfall)
o No visual evidence for recent activity
» LS: no fresh head scarps, vegetation is mature (evergreens),
surface is hummocky
» DF: most north-facing slopes with long recurrence intervals
(50-100 yrs)
s RF: rock is not highly weathered or there is a good catchment
area for debris, includes a rating of “1” on maintenance
records (Andrew, 1994)
» AV: sufficient runout zone, but suspended debris may reach the
highway.
= MS: all areas other than those listed in HIGH, good quality
rock
= CS: all areas that are not included in the MED category.
Assume all has the potential to collapse.
» RS: none. Only HIGH.
o Iffailure,
» Little or no loss of service to the highway, impedance of
shoulder or less, no noticeable pavement damage
* No mitigation necessary
*  One-time maintenance needed
o Includes areas where extensive mitigation has been done which is
mostly effective

NOT PROBLEMATIC (“E”)
o Natural hazard does not cause a problem to current or future highway
improvements to the existing alignment
o If failure,
= No loss of service to the highway
= No mitigation necessary
*  No maintenance needed
o Includes areas where extensive mitigation has been done that is highly
effective
o Rockfall rating of “0” or outcrops that have not been rated by The
Colorado Rockfall Hazard Rating System.
o Includes all unmodified “Undifferentiated Hazards” from USGS 1°x 2°
map
o Includes areas that are blocked from the highway by a physical barrier
(ridgeline, valley, negative difference in elevation, stream). In this
case, the hazard can be within 500’ of I-70.
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o Debris flows cannot be classified as “NOT PROBLEMATIC” unless
there is a physical barrier as described above. Theoretically, any of the
debris flow channels could reactivate.

Mining Related Hazards in Clear Creek County

Mining hazards in Clear Creek County include groundwater and surface water
contamination, contaminated tailings, airborne metal particulates, and the potential for
mine blowouts. Work in this investigation is limited to compilation of existing reports
and studies. No new lab tests or fieldwork will be done at this stage. Sources of
information include CDOT, the Environmental Protection Agency (EPA), the
Department of Natural Resources’ Division of Mines and Geology, Colorado Department
of Public Health and Environment (CDPHE), Colorado Geological Survey (CGS), and
various local historical societies.

RESULTS

The length of I-70 within the project area was divided into 14 geologic domains. An
assessment of the geologic hazards was done for each section, based on the data gathered
during the study. In addition, each section was given an overall rating for the cumulative
effect of all geologic hazards encountered in that particular domain.

Each mapped hazard was rated according to the rating system described above and
entered in to the geographical information system ARCinfo. Information regarding the
size, type of hazard, estimated recurrence interval and rating will also be recorded for
each of the mapped hazards. The data them can be easily accessed for evaluating
potential impacts future corridor improvements will have, and determining appropriate
mitigation alternatives. :

Other information provided included a road log for entire length of the corridor. The log
highlights problematic areas that will have a significant impact on the design of future
highway projects (DO NOT DISTURB and HIGH designations). Other sites are
discussed in order to bring the reader clarity about the rating designation given to a
particular hazard by listing the criteria that were met. This is only a listing of significant
features and is not a complete listing of all the geologic hazards encountered within the
field area.
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DETERMINING LANDSLIDE VOLUME INPUT TO THE
COASTAL ZONE ALONG THE BIG SUR, CA COAST

Cheryl J. Hapke'

Abstract: Along much of the 200 km stretch of the Big Sur coastline in central
California, the rugged Santa Lucia Mountain Range extends uninterrupted into the
Pacific Ocean, and the Pacific Coast Highway 1 is cut into the steep coastal slope.
Weak rocks, steep topography and seasonal high intensity rainfall provide ideal
conditions for large landslides, which frequently block, undercut or otherwise
damage Pacific Coast Highway 1.

The California Department of Transportation (Caltrans) is currently
developing the Big Sur Coast Highway Management Plan in order to explore
solutions to the problems faced with keeping the slide-prone Pacific Coast Highway
open and safe while minimizing impacts to the shoreline and nearshore waters of the
Monterey Bay National Marine Sanctuary. As a contribution to a developing
management plan, and in order to advance the fundamental understanding of coastal
processes along this stretch of coastline, the focus of this study is to identify the
spatial distribution of chronic landslides, and to quantify the historic volume of
sediment that enters the littoral system from slope failures.

Two sections of the Big Sur coast were chosen for an initial pilot study to
develop and refine techniques of aerial photograph processing and data
analysis. Using digital photogrammetry, Digital Terrain Models (DTMs) are
created from sterco models generated from historical (1942) and recent
(1994) photography. The generated topographic surfaces are then compared
to quantify volumetric changes, and to identify the spatial distribution of
these volume changes, as well as the location, number and size of historically
active landslides.

INTRODUCTION

The 1997-98 El Nifio brought very high amounts of precipitation to California’s
central coast, raising groundwater levels and destabilizing slopes throughout the
region. A number of large landslides in the coastal mountains of Big Sur in
Monterey and San Luis Obispo counties blocked access along California’s Highway
1, closing the highway for several months. Large slope failures along the Big Sur
coast section of Highway 1 occur frequently due to the steep topography and weak
bedrock (Figure 1). Major landslides occurred in the severe winter months of 1972,
1978, 1983, 1989, and 1998 (Cleveland, 1973; Works, 1984). A large slope failure

1 Geologist, U.S. Geological Survey Pacific Science Center, 1156 High St., Santa Cruz, CA 95064,
chapke@usgs.gov
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in 1983 resulted in the closure of Highway 1 for over a year for repairs and slope
stabilization. Highway repairs as a result of the 1983 landslide cost over $7 million
and generated a combined three million cubic yards of debris from landslide removal
and excavations for highway realignment (Engellenner, 1984). In 2000, a year with
near average rainfall, two landslides resulted in the closure of Highway 1 for weeks

at a time.

Figure 1: Large-scale landslides are is common along the Big Sur
coast and road closures from slides are a routine occurrence.

The California Department of Transportation (Caltrans) is responsible for
maintaining this precarious highway corridor and providing prompt and safe access
for both local residents and tourists. Prior to the 1998 storm season, a typical road
opening measure involved some disposal of landslide material and excess material
generated from slope stabilization measures on the seaward side of the highway.
This disposed material, either directly, or indirectly through subsequent erosional

events, was eventually transported downslope into the adjacent ocean waters. In
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addition to the landslides that initialize above the road, slope failures also occur on
the steep slopes below the road. This natural process delivers sediment to the base of
the coastal mountains where the material is eroded and dispersed by waves and
nearshore currents. As a result, any coastal slope landslide, whether through natural

processes or anthropogenic means, can result in sediment entering the littoral zone.

The waters offshore of the Big Sur coastline are part of the MBNMS (Figure 2),
which was established in 1992. MBNMS staff became concerned with the Caltrans
landslide disposal practices for three reasons: 1) National Marine Sanctuary
regulations prohibit disposal of material within a Sanctuary or where it will enter a
Sanctuary; 2) landslide disposal practices have the potential to bury shoreline habitat,
converting marine habitats from rocky substrate to soft bottom; and 3) the disposal
practices have the potential to increase nearshore suspended sediment concentrations,
possibly impacting coastal biological communities. On the other hand, coastal
landslides and streams naturally deliver sediment to the coast providing nutrients to

the water as well as material for beaches.

This study characterizes the long-term sediment contributions from landslides
along the approximately 200-km-long Big Sur coast in Monterey and San Luis
Obispo counties from south of the Carmel River to San Carpoforo Creek (Figure 2).
The geographic limits of the study correspond to that portion of the coast where the
steep slopes of the Santa Lucia Mountain Range plunge uninterrupted to the Pacific
Ocean. The primary research goals are to quantify the historic volume of sediment
that enters MBNMS through coastal landslide processes and to assess the spatial
distribution of volume losses and gains using historical and recent aerial stereo
photographs. The results are essential for the development of a management plan for
Highway 1 that strives to maintain this highly scenic corridor while minimizing
adverse impacts on nearshore biologic communities. The focus on quantifying the
long-term average annual sediment yield to the littoral system from coastal slope
failures and examining the spatial distribution of volumetric losses will provide an
increased understanding of the relationship between the geology of the region and

the pervasive landslide processes.
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Figure 2: Map showing location of the MBNMS and the Big Sur coast

in central California

STUDY AREA
The Big Sur coastline lies on the western boundary of the Coast Ranges

geomorphic province, a northwest trending series of mountains and valleys flanking

the coast from near Santa Barbara, CA to the Oregon border. In the Big Sur area, the

Santa Lucia Mountain Range, part of the Coast Ranges, dominates the landscape.
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The mountains rise from sea level, reaching elevations of nearly 1600 m within five
km of the coast, making this one of the steepest coastal slopes in the conterminous
United States.

The Santa Lucia Range is composed primarily of sheared and metamorphosed
sedimentary rocks of the Late Jurassic to Miocene Franciscan Formation, and
granitic and metamorphic rocks of the Sur Complex (Dibblee, 1974; Ross, 1976;
Hall, 1991). The contact between these geologic units is the Sur-Nacimiento fault,
part of the northwest trending San Andreas Fault system. The rocks of the
Franciscan Formation tend to be weaker than those of the Sur Complex; therefore,
the majority of the chronic landslides occur where the steep slopes are underlain by
Franciscan Formation rocks. However, the lithology within the Franciscan
Formation varies dramatically, and the softer, highly sheared rocks and mélange are
more prone to landsliding while the various sedimentary strata and volcanic rocks

form somewhat more stable slopes.

METHODS
The primary tools employed in this study are digital photogrammetry and GIS.

Historical and recent vertical aerial photography are processed using digital
photogrammetry to produce Digital Terrain Models (DTMs) from 3D stereo models.
GIS is used to calculate volume changes and to assess the spatial distribution of the
terrain changes. The historical photography is from 1942 (1:30000) and the recent
photography was collected in 1994, at a 1:24000 scale. These photographs provide a
base for determining a 52-year end-point volumetric change rate for two pilot study

arcas.

The process of digital photogrammetry requires a specific workflow that results
in the production of orthophotographs (digital images from which all distortions have
been removed). The distortions inherent in unrectified photography are those related
to the camera system, the camera position, and displacements associated with the
amount of terrain relief in the area (Falkner, 1995). Once these distortions are
removed, the resulting images are orthorectified and can be used to make accurate
measurements. In the processing, ground control points are used to tie the imagery
to real-world coordinates. A DTM is required to completely remove the effects of
relief distortion. The DTMs are built from the stereo images using a TIN
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(Triangulated Irregular Network) of elevation points rather than a standard grid

model in order to best capture the steep and rapidly changing topography.

Once the TIN models are generated, the topographic surfaces from the two dates
are subtracted to produce an overall volume change, calculated from a datum of 1.5
m above mean sea level. The 1.5 m elevation represents the lowest elevation that
photogrammetric stereo models can confidently derive elevation without significant
visual interference from the movement of waves on the water or in the swash zone on
the beach (Hapke and Richmond, 2000). Mosaics created from the orthophotographs
are used in conjunction with the volumetric change to map locations and spatial
distribution of historically active landslides. The orthophotomosaics are also used to
determine whether the material has been completely lost to the littoral system or
whether some volume is stored on land at the base of the slope. The downslope areas
where deposition of landslide debris has taken place from the older to the more

recent photos show up in the topographic comparisons as areas of volume gain.

RESULTS

Two pilot study areas were chosen in order to test and refine the processing
techniques and data analysis for the study. These locations, near Wreck Beach and
Lopez Point, are shown on figure 2. Both pilot areas are underlain by the Franciscan
Formation but the Wreck Beach pilot area is underlain by more resistant sedimentary
strata while the Lopez Point pilot area is located within intensely sheared
metasedimentary rock and paleo-landslide deposits. Each pilot area was demarcated
by identifying from the stereo photography those portions of the coastal slope that
show evidence of active landsliding and where the eroded material would have a
direct pathway to the ocean at the base of the slope. The two pilot areas are outlined
on the orthophotographs in figure 3. The Wreck Beach pilot area is 1.3 km?, and
extends along approximately 2.5 km of coastline; the Lopez Point pilot area is 2.2
km? and extends along an approximately 5.2 km stretch of coastline (Table 1).
Highway 1 passes directly through the Lopez Point pilot area, but is several hundred
meters inland of the Wreck Beach pilot area.

The rate of volume change (net loss in both cases) is calculated over a period of
52 years. Since the pilot arcas differ in size, the results are presented as m’

normalized to the km? of each area (Table 1). As shown in Table 1, the volumetric
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loss rate in these two areas differs by more than an order of magnitude. As described
above, the geology differs dramatically in these two areas; the northern pilot area
(Wreck Beach) is dominated by sandstones and graywackes while the southern pilot
area (Lopez Point) is located in weaker materials, including ancient landslide
deposits and sheared metavolcanic rocks (Hall, 1991). The existence of a significant
embayment of the coast beginning at Lopez Point (figure 2) is further evidence that
the material along this portion of the coastline is less resistant and erodes at a faster
rate than the Wreck Beach pilot area to the north.

Table 1: Pilot Area Data

Area Linear extent Volumetric Loss Rate

(km?) along coast (km) (mkm?/yr)
Pilot Area #1 1.32 2.5 2.8x10° + 0.09x10°
Pilot Area #2 2.17 5.2 77.4x10° + 3.6x10°

Error Analysis
The error in the volume calculated for each date is a function of rectification

errors, errors associated with the accuracy of the DTM and accuracy of the imagery
based on the pixel resolution. The source of the rectification error is the error
inherent to vertical aerial photography, including those associated with the camera
system, the aircraft attitude, and topography. The rectification software incorporates
these errors into the RMS error of the photogrammetric processing workflow. Error
associated with the accuracy of the DTM is a function of the scale of the stereo
photography (Ackerman, 1996). Finally, error associated with the pixel resolution is
directly related to the resolution at which the photographs are scanned; this is simply
the visual limitation of identifying an object (or location) that is smaller in dimension
than the pixel size of the digital image. Using standard statistics, the error, or

variance, associated with the TIN model for each date is determined by:

E, = [(e)? + ()2 + (e,)2]0.5 (D

where er = rectification error; e4 = dtm error; e, = pixel resolution; and the subscript t
is a given time, or date, from which the data are derived. This surface error is
translated to an uncertainty in volume by assessing the calculated error over the area
within which the volume was calculated:
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By = (E* )V, 2)

Where A is the area under which the volume was calculated and V; is the volume
calculated for a particular date. This equation produces a percent volume of the total
calculated volume that is within the uncertainty range for that date of data. In order
to determine the total error in the volume change calculation, the uncertainties for the

two dates for a given area are summed:

Total error = Ey 49, + Eyjq, 3)

For each pilot area, the uncertainty for the historic (1942) volume was higher than for
the recent (1994) volume; this is primarily due to the smaller scale photography and
the higher RMS from the rectification processing. The total errors in the volume
change calculations associated with the pilot areas are 3.3% (Wreck Beach area) and
4.7% (Lopez Point area).

Contours of TIN Subtraction

In order to visualize the distribution of volume losses and gains in each pilot
area, a contoured TIN model of the change (i.e. subtracted surfaces) is created.
These contours are plotted on the draped surface of the orthophotograph so that the
change can be visualized relative to the slope, to variations in slope, and with respect
to Highway 1 (Figures 4a and b). The darker grays in figure 4 are areas of volume
gain; the lighter grays represent areas of volume loss.

In Figure 4a (Wreck Beach pilot area), there is evidence that significant
landslide material has been retained at the base of the cliffs rather than moved
offshore and transported out of the area. Based on the low net volume loss in this
area over the past 52 years, it appears that this section of the coast is relatively stable,
most likely a function of the underlying sedimentary strata of the Franciscan
Formation that are more resistant to erosion and slope failure than other members of
the Franciscan Formation.

The volume loss distribution plot within the Lopez Point pilot area (Figure 4b) is
dramatically different from the Wreck Beach pilot area, revealing a stretch of coastal
slope that is very unstable and prone to landslides with little evidence that material is
being stored at the base of the slope. This suggests that the bulk of the volume loss
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from upslope is transported offshore and removed from the area by nearshore waves
and currents. The underlying geology in this area is the Franciscan Formation
mélange and paleo-landslide deposits, both very weak and unstable units. The most
active portion of the slope in the Lopez Point pilot area is below the road, with the
exception of the region on the east end of the area, called ‘Rainrocks’ (figure 4b).
Debris in this location almost continuously “rains” off the upper slope onto the
highway and downslope below the road. Areas of volume gain shown adjacent to the
road have been corroborated by Caltrans as being locations of debris stockpile and/or

storage of material that awaits permanent disposal.

CONCLUSIONS .

The long-term volumetric sediment contribution to the littoral system from
coastal landslides can be quantified using aerial photography processed with digital
stereo photogrammetry to produce TIN models of the terrain for different years. The
TIN models can be subtracted from each other to quantify the net volume change for
a given area; volume gains and losses can be plotted as contours of change to assess
the change distribution. This technique of dynamic landscape modeling provides
valuable information regarding the variability in magnitude and distribution of
sediment entering the littoral system that can be useful for the management of
landslide material in an environmentally sensitive and remote portion of the central
California coast.

Pilot studies completed for two areas exemplify the dramatic variation in
volumetric loss rates in an area where the complex geology results in a variety of
lithologies being exposed along the coastal slope. Where the slope is formed in
resistant interbedded sandstones and siltstones, the volumetric loss rate is nearly
thirty times smaller than the volumetric loss rate in an area underlain by highly
sheared metasedimentary rocks and mélange.

The results of this study will aid Caltrans and the MBNMS with the evaluation of
existing practices of landslide debris disposal along the Big Sur Highway 1 corridor
and the development of new management practices designed to minimize

environmental impacts.
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GOING-TO-THE-SUN ROAD - PLANNING THE REHABILITATION OF A
NATIONAL CIVIL ENGINEERING LANDMARK

By Nancy C Dessenberger, P.E., Golder Associates Inc., Denver, Colorado, Francis E.
Harrison, P.E., Golder Associates Inc., Denver, Colorado, and Joseph J. Kracum, P.E.,
Kracum Resources, Glenwood Springs, Colorado

Historic Perspective

Going-to-the-Sun Road traverses the
breathtaking scenery of Glacier National Park,
allowing motor vehicle access to some of the
most spectacular vistas in the country.
Construction of the Road began in 1921. Given
the alpine environment, the technology
available, and the methods used, it was an
awesome accomplishment to complete in 1932.
In some places the Road is literally carved out
of the cliffs. In addition, the engineers avoided
the use of multiple switch-backs typically used
in mountain road construction. Only one true
switch-back occurs on the entire alignment of
approximately 50 miles.

Due to its unique character and historical significance, Going-to-the-Sun Road was
placed on the National Register of Historic Places in 1983, was declared a National
Historic Civil Engineering Landmark in 1985, and was listed as a National Historic
Landmark in 1997. Considerable improvements from the original 1932 roadway took
place in the 1930s and 1950s, including asphalt paving of the entire Road in 1957. Prior
to 1982, repairs and maintenance were limited and infrequent, and came entirely from the
Park’s operating budget. In 1982, Congress passed the Surface Transportation Assistance
Act, which resulted in the establishment of a road improvement program through a
partnership of the National Park Service and the Federal Highways Administration.

Since that time, approximately $18 million has been spent on reconstructing primarily
the lower sections of the Road. That leaves the upper Alpine Section, the most
challenging portion of the Road yet to be addressed. The area’s severe environment,
increasing visitor use, and constraints of the originally-constructed alignment, have
contributed to serious deterioration of the roadway cross-section, pavement condition,
guardwalls, retaining walls, and drainage structures.

Directive for Study
In 1999, Glacier National Park adopted a General Management Plan to guide Park

management through the next 20 years. An independent engineering study was conducted
to evaluate the conditions of the Road and develop alternatives for cost effectively,
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rehabilitating the Road while preserving the historic character, fabric, width and
significance of the Road, while minimizing the effects on natural, cultural, and scenic
resources. The purpose of the engineering study discussed herein was to supply an
Advisory Committee established by the Secretary of the Interior with alternatives for
rehabilitation to make an informed recommendation to the National Park Service
regarding rehabilitation of the Road.

Non-Engineering Considerations

Due to the historic nature of the Road, preservation of its character in terms of
construction features such as the unique stone guard walls and retaining walls, and the
“visual corridor” are of particular concern. Rehabilitation which would allow the Road to
meet current standards for width, sight
distances, guard rails, and curve radius
cannot be done without significant and
undesirable impacts to the historic
qualities of the Road. During the
engineering study, innovative
approaches were sought to preserve,
intact, the historic features, while
providing the structural reconstruction
needed to assure long-term integrity of
the Road.

Another major consideration for evaluating potential rehabilitation strategies was
minimizing negative impacts to the tourist-based economy of areas surrounding the Park.
This entailed examining innovative approaches and construction techniques to minimize
road closures and traffic disruption. While complete closure of the Road during
construction would be the least costly, this option was not considered a viable alternative,
due to the tremendous visitor, social, and economic impacts. Five road rehabilitation
alternatives were presented in the study, with trade-offs for cost, duration of rehabilitation
efforts, and level of traffic disruption.

Process of the Study

The steps involved in the study included:

Condition Assessment

Engineering Analysis and Site Recommendations
Development of Rehabilitation Alternatives
Recommendations for Operation and Maintenance

This paper focuses on the condition assessment, engineering analysis, and site
recommendations pertaining to geologic hazards and geotechnical issues. Development
of the rehabilitation alternatives intensely examined the options for construction logistics
and scheduling, and issues of geotechnical interest are also discussed.
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While the condition assessment included review of available previous work and
information, the greatest effort was consumed in field reconnaissance conducted in
August 2000 and June 2001. The 2000 reconnaissance provided most of the information
regarding road conditions. The 2001 reconnaissance defined the means and methods of
rehabilitation, including a field review of constructability.

The condition assessment formed the basis of all following efforts
by providing a road log of the conditions along the entire roadway.
During the reconnaissance, the field team visited key features
along the lower sections of the Road, and walked almost the entire
eleven miles of the Alpine Section. Visual records of conditions
were made via both videotape and still photos to supplement
written field notes. A road log format was used to record the
location and extent of deficiencies.

Following the field efforts, the project team met to consolidate
observations, and to develop rehabilitation strategies and
construction logistics.

Assessment of Geologic Hazards and Geotechnical Deficiencies

The assessment of geologic hazards and geotechnical deficiencies was completed as an
“inventory” during the field reconnaissance, concurrent with and in coordination with
observations of other Road deficiencies by other specialists of the team.

The concerns along the Road included several categories of geologic hazards and
geotechnical deficiencies:

Rockfall

Unstable soil slopes above the Road

Sloughing and erosion of soil slopes undercutting the Road
Slump, landslide, and soil creep features

Debris flows crossing the Road

Avalanche chutes crossing the Road

Each of these concerns is described in detail in following sections, along with potential
mitigation options and techniques.

Other Concerns

Other significant (non-geologic) deficiencies included inadequate drainage on many parts
of the Road. In many cases, poor drainage was identified as a contributing cause of slope
erosion and sloughing undercutting the Road. Structural distress of retaining walls, arch
bridges and stone culverts were often the cause of Road deterioration, or threatened

integrity of the roadway.
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Rockfall

Qverview of Conditions
Rockfall hazards exist, in varying degrees, over most of the 11-mile Alpine Sectlon and
in a few areas and a lesser degree in the lower sections. Along many K -
portions of the Alpine Section, the pavement extends completely to the
toe of the rock cut, such that there is no shoulder or catch ditch. Many
of the rock cuts are very steep and some even overhang the road. In
some areas the rock cuts are below steep natural slopes that can
potentially generate hazardous rockfall from hundreds of feet above
the road.

The most severe area of rockfall concern is just below Logan Pass,
where a quarter-mile section of the Road lies directly below steep
cliffs that extend over a thousand vertical feet to the top of the
mountain. This location has been the site
of at least one fatal rockfall, and is
regarded as a hazardous area by Park
personnel. A foot trail along the cliff
directly above the road exacerbates the potential for rockfall
onto the road.

Hazards and Risks

The hazards from rockfall consist of rocks detaching from a
cut or cliff above the Road, or boulders tumbling onto the
road from natural slopes above the cut. The associated risks
include rock falling onto the roadway, causing a traffic
accident or directly hitting persons or vehicles. Also, a large
rockfall might block the road, closing one or both lanes until
it could be removed.

Potential Mitigation Measures
Suitable measures for mitigation could include one or more of the following:

Selective scaling of loose rock from road cuts and the slopes above,
“Mechanical measures” such as bolting, mesh, shotcrete, and rockfall sheds,
Reconstruction of the Road to create stable rock cuts and catch ditches,

Warning signs, restriction of parking and access, and visitor education regarding
rockfall hazards.

Reconstruction of stable rock cuts would be highly intrusive on the historical character of
the Road, and was therefore not considered viable. Similarly, rockfall sheds are not
compatible with the desired preservation of the Road’s visual character. Other
mechanical measures would be less intrusive, but still quite visible. Scaling and signage
are the most favorable in terms of historic preservation. In essence, the more effective

219



the mitigation, the more intrusive it would be on the visual experience of visitors and the
historic quality of the Road.

Rock scaling was described as the most suitable compromise for providing a reduction in
rockfall risk without significant intrusion on visual aspects of the Road. As a side
benefit, rock material generated from scaling could be used in rehabilitation of guard
walls and repair of retaining walls. The guard walls, retaining walls, and arch bridges
historically constructed along many sections of the road are of stonework, primarily of
local rock, and are considered key visual, historic features of the road corridor. Rock
from a local source is highly desirable for repair of existing walls and construction of
new walls or facings.

Unstable Soil Slopes Above the Road

Overview of Conditions

Soil slopes occur above the Road in almost all areas where rock cuts are not present.
Only about 1.5 to 2 miles of the 11-mile Alpine Section has soil slopes immediately
above the Road. Soil cuts are generally cut back adequately and are stable in the lower

Road sections. Soil slope instability is generally in the form of raveling of poorly

vegetated slopes, releasing boulders that can roll out of the
cut and into the roadway. A secondary concern for
maintenance is sloughing of soil onto the roadway. In most
locations, soil cuts are small. In one location (near Siyeh
Bend), approximately % to Y2 mile of soil cuts extend to 40
feet or more above the road. These cuts in glacial till are
eroding and raveling badly, releasing boulders from a
considerable height above the Road. At present, there is
not an adequate catch ditch along the toe of the slope.

Hazards and Risks

The hazards from unstable soil cuts in the Alpine Section consist of rocks eroding out,
being released from a cut, and tumbling into the roadway. The associated risks include
rock rolling onto the roadway, causing a traffic accident or directly hitting persons or
vehicles. Also, blockage of the Road could result from large boulders or a mass of soil
entering the roadway.

Potential Mitigation Measures
Suitable measures for mitigation of unstable soil cuts include:
e “Scaling” of boulders from cut slope as they are exposed by erosion,
¢ Enlargement of cut to provide room for an adequate catch ditch or fence at the toe
of the slope,
e Realignment of the roadway in affected areas to provide sufficient width at the toe
of the existing cut for construction of a catch ditch or fence,
e Revegetation of the cut slope to retard erosion and further exposure of boulders.
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Removal of boulders eroding out of the slope by “scaling” was not considered an
effective long-term treatment to reduce the problem, since erosion would continue to
expose new boulders and further deteriorate the cut. Cut enlargement is not desirable
from the perspective of Road corridor preservation. One of the few locations where the
existing road section is wide enough to allow low-impact realignment occurs at the Siyeh
Bend cuts. The road template could be shifted away from the cuts to allow for a catch
ditch. Alternatively, a catch wall constructed in the style of the existing historic guard
walls could be constructed.

Revegetation of the cut has the advantage of retarding further deterioration of the slope.
Given the steep aspect of these cuts and the high erosion potential of the soils,
revegetation is expected to require special measures such as the use of revegetation
matting to hold the soil while vegetation is established.

Sloughing and Erosion of Seil Slopes Undercutting the Road

Overview of Conditions

Where steep colluvial or fill slopes are present below the Road,
erosion and sloughing of poorly vegetated slopes are “eating” back
into the roadway section. In a number of locations, the pavement
is being undercut by this phenomenon. Historic guard walls have
been lost in some locations. The problem is most severe where
road drainage discharges on the slope below the Road. At many
locations on the Alpine Section, avalanches also contribute to
slope erosion. Most 1mportant in almost all cases the condition

o will worsen, with increasing threat to integrity of the
Road, unless action is taken.

This condition is seen to occur on all sections of the
Road where steep soil slopes are present on the

downhill side, and is not just confined to the Alpine
Section. The problem occurs primarily in localized,
short road segments at widely distributed locations.

AT

Hazards and Risks

When unstable or eroding slopes undercut the roadway template, deterioration or loss of
the Road shoulder and/or pavement is at risk. The loss of the roadway shoulder has
already resulted in the loss of some sections of historic guard wall, and more is threatened
by the continued deterioration.

In addition, there is loss of structural support to the roadway. In many cases the loss of
structural support cannot be replaced simply by reconstructing the fill or outer slope of
the Road, but would require more complex measures. This is because many of the outer
slopes drop steeply for hundreds of feet before finding a suitable “catch” for a fill toe.
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In addition to the loss of roadway integrity, there is risk associated with public safety.
Through most of the Alpine Section the Road width is considerably less than the 22-foot
standard width that was established at the time of the original paving. Reduction of this
already sub-standard width would increase the risk of drivers running off the roadway. In
most locations, running off the outboard side of the Road could result in a vehicle
tumbling hundreds of feet down the slope.

Potential Mitigation Measures

Suitable mitigation measures are dependent on the extent of deterioration present at
individual locations. In many cases, road drainage must be redirected, captured, or
controlled to retard further deterioration. Case-by-case mitigation measures may include:

e Where erosion is deteriorating the slope, but is not encroaching on the roadway
template, erosion control measures such as revegetation, stone paving, pipe drops,
or other armoring may be effective. Where revegetation is planned, erosion or
revegetation matting will likely be needed to establish growth of vegetation,

e Where erosion is severe and is threatening the roadway template, more aggressive
measures may be needed. Strategies may include soil nailing with an erosion-
proof facing to prevent further loss of the cross-section,

e  Where sloughing and erosion has already caused loss of the roadway template,
and restoration of the cross-section is needed, retaining walls, mechanically
stabilized earth (MSE) walls, tie-back anchored walls, or an anchored road slab
may be incorporated.

Some of these measures, particularly the structural-type solutions, will have a greater
impact on traffic during construction. For example, in most cases, conventional MSE
wall construction would require closure of both traffic lanes on a schedule that could not
be realistically done under traffic. Therefore, other measures that accomplish the same
results, but can be done under traffic may be preferred. These alternative measures might
include tie-back anchored walls or cast in place concrete retaining walls which can be
done “over the side” with closure of only a single lane. The potential for non-standard
design MSE walls was also considered, such as using one-lane-width embedment lengths,
to allow construction of one lane at a time.

Slump, Landslide, and Soil Creep Features

Overview of Conditions

Several features are present along the Road which are
recently-active landslides, slumps, or areas which appear to
be subject to accelerated soil creep. Three of these are
discrete landslide features of significant size. One lies
along the shore of St. Mary Lake, where wave erosion is
eroding the toe of the slide, causing further deterioration
and expansion of the failure adjacent to the Road.
Horizontal drains were installed in the slide previously, but
wave erosion continues to exacerbate the problem.
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A second area of slumping occurs along Lake McDonald. The area was previously
reconstructed to restore the road template using a soldier-pile tie-back wall, but wave
erosion is continuing to undercut the toe.

The third location involves a relatively large landslide mass. The boundaries and
geomorphology of the feature are not easily discerned, but offsets at the slide margins
across both lanes of pavement attest to continued movement. This feature does not
appear to be a direct result of wave erosion (although it lies along Lake McDonald), but a
slow-moving creep-type slide.

A relatively large area of what appears to be deep colluvium or ancient landslide deposits
is present along approximately 2 mile of roadway west of Haystack Creek. No specific
evidence of ground movement was observed, but these deposits may be subject to soil
creep, particularly during wet periods.

Along much of the Alpine Section, cracking and evidence of settlement in the outboard
lane was observed. This phenomenon appears to be associated with settlement of the fill
which typically supports the outboard side of the road template. In many cases the fill
settlement appears to be associated with poor road drainage.

Small slumps appear to be developing at a few isolated locations along the Road,
evidenced by crescent cracks in one or both lanes of the pavement.

Hazards and Risks

Hazards associated with landslide, slump, and creep features are mostly concerned with
the loss of integrity and support to the roadway. Creep-type behavior, due either to soil
creep or slow-moving landsliding, will continue to damage pavement, but is not likely to
result in a catastrophic failure that would cause massive damage or a hazard to the public,
unless driven to sudden large displacements by extreme wet conditions.

Large and small slump features could be prone to sudden movement, depending on the
available trigger mechanisms. For most of the suspected slump features, this might
consist of unusually wet seasonal conditions. For the two slides along the lake shores,
storm events which precipitate high winds and/or increased lake levels could also provide
a trigger for sudden movement. At any of these locations, a sudden failure could result in
a complete road closure until repairs can be made. Slower, ongoing movement can be
expected to cause pavement damage and loss of support to the roadway if not stabilized.

Potential Mitigation Measures

The three discrete landslide features described above require a suitably-scoped
investigation specifically to evaluate conditions and define appropriate mitigation
strategies.

Deteriorating road sections where localized slumping is developing could be rehabilitated
by use of an anchored concrete slab. Treatment of deeper-seated slumps would include
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Debris Flows Crossing the Road

Overview of Conditions

Debris flows cross the road at a number of locations. On the west side of Logan Pass,
these features are associated with the larger stream crossings. Here, debris tends to clog
bridge and culvert underpasses below the Road, damaging these structures, and
overflowing onto the Road in the larger events. East of Logan Pass, they occur where
steep gullies cross the Road. In most of these locations, culverts carry water flows under
the Road and become plugged during debris flow events, resulting in deposition of debris
directly onto the Road. The debris flow hazards are found on the lower Road sections,
rather than the Alpine Section.

Hazards and Risks

Debris flows constitute a considerable impact for Road
maintenance. Significant debris flows will block and
close the Road until they can be cleared. Potentially,
Road users could be threatened by sudden flow of debris
onto the Road.
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Potential Mitigation Measures

Debris flows could be mitigated by placing catch-fence type structures or debris basins in
the affected drainageways. However, these structures would have a relatively high visual
impact in most locations. The potential exists to use warning devices or road closures
triggered by debris flows.

Avalanche Chutes Crossing the Road

Overview of Conditions

Avalanche runs are pervasive throughout the Alpine
Section of the Road. Avalanches cause extensive
damage in some areas to guard walls and retaining
walls, and also contribute to deterioration of outboard
pavement edges and slopes by erosion. In addition to
damage from moving avalanches, guard walls are also
subject to static snow loading pushing down slope and
outward at the road edge.

Hazards and Risks

The probability of avalanches is relatively low during the seasons when the Road is open
to visitor traffic. Somewhat greater hazards exist when Park personnel initially open the
Road in the spring by plowing through large drifts. The impacts of avalanche and snow
load damage on guard walls are a considerable contributor to deterioration of the Road’s
historic features.

Potential Mitigation Measures

top of sione masorey In some areas, jersey barriers or removable
411 dowels 2 1t above asphalf

guardrail is being used to replace guard walls
that have been swept away. However, these
solutions are at odds with the historical and
aesthetic values of the Road. The potential for
use of guard wall sections that are removable
and are faced with historical-looking stone has
been discussed. Perhaps more promising is
construction of avalanche-resistant guard walls
where avalanche chutes are present, like the
ones designed by FHWA.

Status of Planning the Rehabilitation

Some rehabilitation work is currently on-going, as a result of the FHWA’s involvement
in the identification and rehabilitation design of the most critical areas in need of
rehabilitation. Design and construction of the critical areas is expected to continue for the
next few years. Inadequate drainage, identified as the single biggest cause of the
deterioration of the Road, is currently being addressed by the Park as funding allows.
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In November, 2001, the Engineering Study, along with the Transportation / Visitor Use
Study and Socioeconomic Study, were presented to the Citizen’s Advisory Committee.
Presented were five alternatives for rehabilitation which varied based upon funding status
and visitor impact. The Committee recommended four alternatives to evaluate in the
NEPA environmental impact statement process. The four alternatives all included
innovative construction techniques to rehabilitate the Road that consider the historic,
cultural, and environmental factors, preservation of natural resources, and visitor impact.
The range of alternatives present scenarios that range from a low funding level with a
long-term rehabilitation (nearly 50 years) to a high funding level with a minimum term
rehabilitation (approximately 6 to 8 years).

The environmental impact statement process was commenced after the November 2001
Citizen’s Advisory Committee meeting and is expected to last approximately 18 months.
The result of the environmental impact statement process will be an environmentally
preferred alternative for the rehabilitation of the Road, with design and construction
commencing shortly thereafter.
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Snowmass Canyon State Highway 82 Project
Difficult Geological Conditions that Required Innovative
Retaining Wall and Foundation Designs

Ben Arndt, P.E., Richard Andrew, P.G., Roger Pihl, P.G.
Yeh and Associates, Inc.

Abstract

Yeh and Associates has been involved with evaluation, analysis and design for improvement of
four miles of Snowmass Canyon - State Highway 82, near Aspen Colorado. This section of
highway is located in a complex geologic area with slopes in excess of 50°. Yeh and Associates
role on the project was to provide a geologic / geotechnical investigation, slope stability
evaluation, and retaining wall design.

The geologic and geotechnical investigation utilized helicopter transported drilling rigs. The
subsurface conditions were evaluated by drilling 289 borings with this equipment. Geologic
hazards that were identified on the project included landslides, rockfall, and collapsible soils.
The competency of some of the bedrock in the area was affected by faulting.

Ground anchor, caisson, and micropile testing was also conducted on the project to determine
appropriate design parameters for the design for these structures. The roadway alignment was
designed with both cut and fill retaining walls. The retaining walls for the project consisted of
soil nail walls, mechanically stabilized earth (MSE) walls, ground anchor / tieback walls, and
micropile foundation walls. Because of the steep terrain, MSE wall sections were over 40 feet in
height and ground anchor and soil nail wall sections were over 25 feet in height. Inclinometers
and piezometers were installed and monitored for earth movements and wall settlements.

Introduction

State Highway 82 in Colorado is the primary two-lane route between Aspen and Glenwood
Springs. The highway follows along the general path of the Roaring Fork River that flows from
Aspen down to the confluence with the Colorado River. The $93 million project was undertaken
to expand a 3.4-mile section of the existing state highway from two lanes to four lanes, creating
two lanes up valley and two lanes down valley. The up valley lanes are located on the slopes
above the existing two-lane highway. The down valley lanes follow the general alignment of the
existing highway. Figure 1 illustrates the general layout of the project area.

The expanded roadway section located in Snowmass Canyon is characterized by steep terrain
and variable geologic conditions. In many areas the slopes are in excess of 45° and hydro-
collapsible subsurface materials are located throughout the project. This paper addresses the
geologic and geotechnical aspects of the project that controlled the wall design in the canyon.
The paper also describes mechanically stabilized earth (MSE) walls, soil nail walls, ground
anchor (tieback) walls, micropile foundation systems, and rockfall mitigation utilized on the
project.
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Site Geology

The underlying geology of the project site consists of steep colluvial slopes, alluvial stream
deposits and moderately dipping sandstone bedrock. Major and minor faulting is also evident
within the project area. The colluvial materials consist of angular, poorly sorted rock debris
embedded in a matrix of silt, sand and clay. Most of the colluvial material is present on steep
slopes that are in excess of 1H : 1V. A majority of the steep slopes in the project area are
comprised of debris fan depositional features. The debris fans appear to be the result of episodic
debris flows that formed after intense storm events. Relatively large catchment basins located
above the highway act as source areas for the debris flow materials. Thin layers of charcoal
deposits are exposed in many of the debris fans that have been cut by the existing alignment.
The charcoal remnants are an indication of past fires, which burned the upper slope vegetation
and led to mass wasting of surface materials during storm or runoff events. The debris fan
materials were typically loosely placed in many areas particularly along the boundaries of the
mass wasting events. Figure 2 depicts a typical debris fan road cut profile exposed along the
existing highway.

These materials can exhibit the potential for collapse when wetted and can be considered hydro-
compactive in some areas. The term hydro-compactive soil refers to subsurface deposits that
have the potential to decrease in volume by the addition of water. Typically this decrease in
volume is independent of any changes in the vertical loading of the material. The process of soil
collapse by inundation with water has been described in a variety of ways and has been referred
to as hydro-compaction, hydro-consolidation, collapse, settlement, shallow subsidence, and near-
surface subsidence. This volume change generally occurs due primarily to the influence of
water. Additional subsidence can be caused by dissolution of disseminated sulfates or other
soluble materials within the soil that dissolve when saturated with water.

Alluvial stream deposits, which were deposited in the past by the Roaring Fork River, can be
found on elevated terraces on the slopes of Snowmass Canyon and along the banks of the present
day river. The alluvial deposits can range in thickness from a few feet to as much as 40 feet. The
deposits generally consist of sandy, well-rounded gravels, cobbles and boulders that are well
graded or poorly sorted. These materials are highly desirable for foundation materials since they
have higher strength and bearing capacity and are not susceptible to settlement or collapse.

The bedrock in the project area is predominately comprised of the Maroon Formation with
overlying State Bridge Formation in the up valley section. The Maroon Formation in this area is
more than 2500 feet thick and consists of reddish sandstones and siltstones. The State Bridge
Formation is similar to the Maroon, consisting primarily of hard reddish brown sandstone with
some siltstone. The bedrock is generally competent, ranging from hard, to very hard, except
where fractured by faulting. The Rock Quality Designation (RQD) generally ranges from 90% to
50 % in the unfaulted or unfractured areas. In areas were faulting has occurred the RQD is 0% to
10%. Dips and strikes in the bedrock vary throughout the project. In the up valley areas most of
the bedrock is relatively uniform with an approximate 25 to 35 degree dip. Figure 3 shows an
area with colluvial, alluvial and bedrock materials.
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Figure 2 - Debris Fan Deposits. Figure 3 — Colluvial, alluvial
and bedrock outcrops.

Generally the area is relatively dry with groundwater levels only being observed near the
elevation of the river. Large storm events with greater than normal precipitation tend to produce
debris flows in the less vegetated sections of the project.

Geological / Geotechnical Investigation

To characterize the geologic conditions and subsequent constraints to construction it was
necessary to implement a geological/geotechnical investigation. The investigation included
surface mapping, identification of geologic hazards, and subsurface drilling. Surface mapping
was undertaken to identify potential debris fan areas, collapsible soil areas, and identification of
subsurface materials along the road cuts. Areas that had the potential for landslides and rockfall

were also identified.

Due to the steep slopes encountered on the project it was necessary to use helicopter transported
coring drill rigs to access most of the sites. A total of 289 borings were completed over a two-
year period. The most extensive drilling period utilized five drill rigs and one helicopter. Split
spoon samples were obtained for subsurface materials above the bedrock. Core samples of the
bedrock were obtained to determine rock quality. Figure 4 depicts the helicopter used to
transport the drill rigs. Figure 5 shows one of the drill rigs operating in a steep section near the
Roaring Fork River.
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Results from the geotechnical investigation identified areas of potential soil collapse from hydro-
compaction, location of alluvial and bedrock elevations, and general subsurface material
characteristics. Additionally, a bedrock elevation map was generated from the drill hole
information and used in the profile sections for the proposed highway alignments.

Seismicity was also evaluated for the project based on historical research of past earthquake
events. This research indicated that at some time in the past the Aspen area likely felt a
Modified Mercalli Intensity VII earthquake. This can be roughly correlated to a magnitude 5
earthquake. Additionally, historic evidence indicates that Colorado has experienced magnitude
7.0 or higher earthquakes. For this project and others in the state of Colorado, there has been a
recent trend to consider earthquake potential and subsequent hazards more seriously than in the
past, so this consideration was applied to the slope stability analysis.

o W

Figure 4 — Helicopter transport Figure 5 — Drilling on the side of Roaring
Fork River

Design of Earth Retaining Wall Systems

The two predominating design constraints for the project were the relatively steep slopes in
excess of 1H : 1V for most of the up valley lanes, and the potential for encountering hydro-
compactive or collapsible soils throughout the area.

Prior to the retaining wall design phase of the project, it was necessary to evaluate the existing
global stability of the area. Soil strength parameters were determined from sample testing of the
subsurface materials and from back-calculation of the existing slopes. It was assumed most of
the slopes throughout the project were at or above an existing factor of safety of one. Some
sections of the project exhibited minor circular failures and sloughing of the colluvial materials,
however no large scale circular failures were observed within the project area.
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After evaluation of the existing conditions at the site, it was necessary to evaluate and model the
slope stability of more than 31 critical sections along the proposed up valley and down valley
alignments. Slope stability analysis considered not only the final completed alignment profile,
but also the temporary conditions that were anticipated to occur during the construction
sequence. Based on this analysis, it was necessary to construct temporary berms along many
sections of the alignment to maintain an appropriate slope factor of safety during the construction
phase of the project. For the proposed highway alignment a static slope factor of safety of 1.3
and a slope seismic factor of safety of 1.01 was used for the retaining wall systems.

The existence of collapsible soils was also a general constraint to the design that required
foundations of retaining wall structures to be located either on alluvial materials, bedrock, or re-
compacted structural backfill. The geotechnical data obtained from the drilling program was a
valuable tool for delineating the elevations of the colluvial, alluvial and bedrock materials.

Based on the characterization of the geologic and surface conditions at the site it was determined
that Mechanically Stabilized Earth (MSE) Walls with soil nails or ground anchor/tieback
excavation support was a viable retaining wall system for the proposed highway alignment.

Mechanically Stabilized Earth Walls

Mechanically Stabilized Earth Walls (MSE) were used on the site since they typically tolerate
greater settlement and deflection than traditional rigid retaining wall designs. This was
especially important since the potential for collapsible soils was present. Where feasible on the
project, the base of the MSE walls were located on bedrock or alluvial materials, however,
certain colluvial sections of the project site were too thick for reasonable excavation. In these
areas subexcavation was necessary. Sub-excavation consisted of removing a vertical portion of
the colluvial material and replacing it with structural backfill. In higher wall sections or areas
thought to be more prone to collapse, colluvial materials were excavated and replaced with a
geogrid "sub-wall" foundation. The "sub-wall" was designed to act as a foundation mattress for
the MSE wall.

Figure 6 depicts a generalized profile of the MSE wall system for the project. It was necessary
to use either soil nails and/or ground anchors for the temporary and permanent excavation
support. The soil nail walls and ground anchor walls were also necessary for global stability.

The MSE walls were constructed using pre-cast concrete panels with geogrid reinforcement cast
directly within the panel. The panels were shipped to the project site and positioned with
temporary support on the front face of the walls. To achieve the required geogrid reinforcement
length it was necessary to attach additional geogrid to the back of the panel face by using a using
a "bodkin" interlocking connection system. This system involves intertwining the two geogrid
pieces and then inserting a linear member between the intertwined pieces. Figure 7 shows the
connection of the panel cast geogrid with the bodkin connection. Backfill was placed in
approximate 1-foot vertical lifts. Figure 8 shows the back of the MSE wall during fill placement.
MSE walls on the project ranged from 5 to 41 feet in height for an approximate total of 315,000
square feet of wall face.
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Figure 7 — Bodkin Connection Figure 8 — Fill Placement for MSE Wall
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Soil Nail Walls

Soil nail walls were used for excavation and global stability support for a majority of the cuts
along the proposed alignment. Both temporary and permanent soil nail walls were used. Final
facing of the permanent soil nail walls consisted of pre-cast panels. The soil nail wall heights for
this project ranged from 3 feet to 25 feet high with reinforcement nail lengths ranging from 15 to
30 feet. A 4-foot (V) by 5-foot (H) spacing of the reinforcement soil nail bars was used.

The soil nail wall is constructed in a top-down sequence. An initial 4-foot vertical cut was made
in the slope. If the cut was not self-supporting, a temporary berm had to be used. Soil nails,
which consisted of #8 all thread bar, were placed into predrilled holes on a designed pattern. The
holes were grouted either prior to bar placement or by tremie methods. Welded wire fabric with
drainboards, to insure groundwater drainage of the system, were then placed over the nails and
exposed cut face. The soil nails were then connected together by horizontal and vertical waler
reinforcement bars with plates attached to the ends of the nails. Shotcrete was then placed to
develop a complete structural reinforcement system. The sequence continued in a top down
manner so that no more than 4 to 5 feet of vertical excavation was exposed during construction.
As earth pressures develop behind the shotcrete facing system, the load is transferred through the
facing system to the soil nail bars. The soil nail bar then transfers the load into the bonded
section of the nail. Small deflections at the top of the walls are generally anticipated and
designed for. A final precast panel is then attached over the wall face. Approximately 56,600
square feet of permanent soil nail walls were constructed on this project.

Figure 10 shows the installation sequence for the second row of a soil nail wall. Soil nails and
shotcrete facing have been completed for the top row. Figure 11 shows a completed soil nail
wall in one of the steeper up valley sections of the project. Figure 12 shows the placement of
precast panels over the completed permanent soil nail walls.

Figure 11 - Completed Soil Nail Wall

5L

Figure 10 - Soil Nail Wall Construction.
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Figure 12 - Attaching final pre-cast panel facing over soil nail wall.

Ground Anchor Walls

Many areas along the existing slopes were too steep to support effectively with soil nail
walls. In these areas, it was necessary to use ground anchor (tieback) support. The ground
anchors consisted of multiple strand tendons that ranged in length from 35 to 70 feet. Bond
lengths of the ground anchors averaged 20 feet. Due to the overall low bond strength of the
colluvial materials it was necessary to place the bond lengths of the anchor systems in bedrock or
alluvial materials. The ground anchors were set on an 8-foot horizontal by 8-foot vertical
spacing. One to three rows of permanent tiebacks were used to provide excavation support and
to satisfy global stability where necessary. The ground anchor support panels consisted of 8 foot
by 8 foot rebar reinforced sections that were shotcreted in place. The lower section of Figure 13
illustrates a ground anchor panel system prior to shotcrete placement. The observer is looking at
a completed ground anchor row above. Figure 14 shows installed ground anchors. Workers are
putting a grout containment device on an anchor that is to be installed. A coiled ground anchor
is visible next to the workers.

The ground anchor walls were constructed in a top-down manner similar to the soil nail walls.

Approximately 35,000 square feet of permanent ground anchor tiebacks were used on this
project. Figure 15 shows two completed rows of a ground anchor / tieback wall.
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Figure 13 - Anchor Panels Figure 14- Ground Anchor Installation.

Figure 15 - Two rows of a ground anchor wall.
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Micropile Foundation Suppert

In certain sections of the project where the side slopes were in excess of 1H:1V and the bedrock
quality was relatively low, double tee retaining walls with micropile foundation support were
used. These walls ranged in height from 14 to 36 feet for approximately 1700 feet of wall length.
The original foundation design called for 30-in diameter caisson (drilled shaft) support of the
wall system with a 10 to 12 foot spacing between the caissons. The foundation design was
modified to use 7-inch diameter micropiles with variable spacing from 2-Y to 8-V feet
depending on the wall height. The micropiles consisted of an approximate 7-in by Y2-in casing
that was drilled a minimum of 2 feet into the bedrock. A “rock socket” was then drilled into the
bedrock to form the bond zone of the micropile. The bond zone ranged from 20 to 37 feet
depending on the installation method. A #14 threaded bar was placed inside the 7-inch casing
and extended into the bond zone. The inside of the casing and the rock socket were then grouted.
Plates were attached to the top of the threaded bar and the system was incorporated into the
poured foundation for the double tee walls. To provide additional external wall and global
stability it was necessary to incorporate permanent ground anchors into the foundation system.
Ground anchors were placed in-between the uphill row of micropiles.

Figure 16 shows the installation of the micropiles. Drilling is ongoing in the background with
one row of micropiles visible in the foreground. Figure 17 shows the double tee wall footing
prior to placement of concrete. Note the square plates attached to the top of each micropile. The
ground anchor tiebacks are placed through the pipes, which are inclined in the left center area of
the figure. Figure 18 illustrates the generalized profile of the double tee wall system showing
placement of micropiles, ground anchors, and double tee sections of the retaining wall system.

Figure 16 - Micropile installation Figure 17 - Double tee footing foundation
prior to concrete placement
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Rock Bolting and Draped Mesh

Most of the slopes above the highway alignment consist of colluvial materials, however certain
sections of the alignment are next to steep bedrock cliffs. In these areas, kinematic slope
stability analyses and the Colorado Rockfall Simulation Program (CRSP) were used to
recommend appropriate mitigative options for rockfall. Typically, rockfall mitigation consisted
of spot bolting, pattern bolting, and the use of draped mesh in critical sections. F igure 17 shows
the use of a crane basket for bolting a rock cut section that will be located adjacent to a bridge
structure.

238



Figure 17 - Rock bolting from crane basket

Summary

The final completion of the project is expected to occur in the fall of 2005. Many of the
retaining walls along the alignments have been instrumented with either inclinometers or load /
pressure cells. In this manner, the performance of the wall systems can be assessed over time.
Based on walls constructed to date, it appears the wall systems are performing in general
conformance with the designs.

Overall, the wall systems proposed were based on the subsurface information obtained from the

geotechnical investigation. Without the extensive geotechnical investigation, it would have been
difficult to predict and design for many of the conditions that are present at the site. The use of

helicopter transportation of the drill rigs was an invaluable resource for obtaining information in
many locations that were not accessible until actual construction commenced.
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NEW EAST SPAN BAY BRIDGE GEOLOGY, SOIL SET-UP AND ACCEPTANCE OF LARGE
DIAMETER DRIVEN PILES

Mohan, S., Price, R. and Gu, R., Caltrans, Translab, Design-West, 5900 Folsom Blvd., Sacramento, CA
Buell, R. and Thorne, J., Caltrans, Translab, Design-North, 5900 Folsom Blvd., Sacramento, CA
Le, T., Caltrans, Translab, Office of Geotechnical Support, 5900 Folsom Blvd., Sacramento, CA

The San Francisco-Oakland Bay Bridge, which is one of the most heavily traveled bridges in the world.
The east span of the bridge will be replaced due to seismic safety concerns. The majority of the new
bridge will be founded on large 2.5-meter diameter, approximately 60- to 100-meter long pile
foundations. Piles foundations will experience tension loads of up to approximately 80 to 90 MN and
compression loads of up to approximately 120 to 140 MN during the design earthquake. This paper is
based on the Pile Installation Demonstration Project (PIDP) that was conducted as a part of the East
Span San Francisco-Oakland Bay Bridge Seismic Safety Project. For the three full-scale pile
installations, two different high-energy hydraulic hammers were selected for the installation. However,
these hammers may not have sufficient energy to drive these large diameter piles at their ultimate
capacity following long-term set-up. Nevertheless, these hammers were selected because, soil plug
behavior, the generation of excess pore pressures and remolding of soil during driving were expected to
reduce the shaft and end bearing resistance, and therefore reduce the energy required to drive these piles
to design penetration. Data collected during continuous installation driving and after a series of re-
strikes at different set-up times ranging from 1 to 33 days were used as input data for Case Pile Wave
Analysis Program (CAPWAP). These results were used to estimate the soil resistance along the pile
length and at the toe of the pile, and the soil pile set-up behavior. Validity of the procedures used to
predict the soil resistance to driving and predicted blow counts were verified with the field observed
blow counts and the energy that was delivered to the pile. Based on combined CAPWAP analyses, the
soil pile set-up with time was estimated and compared with results of other method currently available in
the literature for predicting the soil pile set-up rate.

INTRODUCTION Skyway structure to the north side of the
The east span of the San Francisco-Oakland Bay Oakland Mole and an earthenfill transition from
Bridge, which is one of the most heavily the Oakland Shore Approach structure to the
traveled bridges in the world, will be replaced roadways leading to and from the existing
due to seismic safety concerns. The proposed bridge. The majority of the new bridge will be
new bridge will be constructed along a parallel founded on large 1.8 to 2.5-meter diameter,
alignment to the north of the existing bridge. approximately 60 to 100-meter long pile
The new bridge will consist of an approximately foundations. Piles will experience their
460-meter-long transition structure extending maximum loads during the design earthquake.
from the Yerba Buena Island (YBI) Tunnel to Piles are designed for tension loads of up to
the eastern tip of YBI, an approximately 625- approximately 80 to 90 MN and compression
meter-long, single-tower, self-anchored loads of up to approximately 120 to 140 MN.
suspension cable, main-span signature structure

extending offshore from the tip of YBIL an The PIDP was conducted as a part of the San
approximately 2.1-kilometer-long, four-frame Francisco-Oakland Bay Bridge East Span
Skyway structure extending from the signature Seismic Safety Project in order to evaluate
structure eastward to the Oakland Shore constructability of these large diameter piles,
Approach, an QOakland Shore Approach soil-pile setup behavior and the impact on the
structure extending about 700 meters from the project during construction. Three full-scale
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large diameter steel pipe piles, 2.438-meter
diameter, up to 100-meter long, wall thickness
40-70 millimeter, one vertical and two on a 1:6
batter, were driven near the planned bridge
alignment in San Francisco Bay, Figure 1.
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Figure 1. Site Vicinity Map
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The PIDP piles are the deepest large diameter
piles ever driven in the world (Engineering
News Record 2000). The expected ultimate
axial compression capacity was estimated based
on American Petroleum Institute method (1986,
1993a) to be on the order of 120 MN. Two
different high-energy hydraulic hammers
MHUS500 (550 kilojoules) and MHU1700 (1870
kilojoules) were selected for the installation.
These hammers may not have sufficient energy
to drive these piles at their ultimate capacity
following long-term set-up. However, the
repeatedly sheared and remolded clayey soils
near the pile tip and wall, the soil plug behavior
and the excess pore pressure generation in the
Young & Old Bay Mud and Upper Alameda
formations during driving were expected to
reduce the shaft and end bearing resistance, and
therefore reduce the energy required to drive
these piles to design penetration.

The force and acceleration time history data due
to impact of the hammer was collected during
continuous installation driving and after a series
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of re-strikes at different set-up times with the
use of strain transducers and accelerometers
attached near the pile top. The CAPWAP
(Rausche, 1970) was used to estimate the soil
parameters such as soil quake and damping, and
soil resistance along the pile length and at the
toe of the pile. To compute forces or velocities
at the pile top, the pile and soil were divided
into many continuous segments, modeled
mathematically and an algorithm, which allows
for step by step computation of all pile variables
along the pile length and in time 1s followed.
The CAPWARP results are based on the best
possible match between a computed and
measured pile top force or velocity. The soil
parameters varied iteratively until a satisfactory
match is obtained between a computed and a
measured pile top force or velocity.

Wave equation analyses were performed to
predict the blow counts with the penetration
depth using GRLWEAP (1997-2) program for
the continuous driving case. To perform the
wave equation analyses, the unit skin friction
and unit end bearing for static loading condition
is first computed wusing the method
recommended by American Petroleum Institute
(APL, 1986). The soil resistance to driving
(SRD) 1s then calculated by incrementally
reducing the unit skin friction values by
multiplying by a factor.

SITE SPECIFIC GEOLOGY

The geologic formations that underlie the PIDP
area include in the following sequence (Howard
et al. 2001): Young Bay Mud (YBM), Merritt-
Posey-San Antonio (MPSA) formations, Old
Bay Mud (OBM), Upper Alameda Marine
(UAM) sediment and the Lower Alameda
Alluvial (LAA) sediment. Fig. 2 provides an
illustration of the subsurface conditions
encountered along the new bridge alignment
including the PIDP area. The subsurface
conditions encountered near the test location are
illustrated in Fig. 3. The geologic formations
and the engineering properties are presented in
Table 1.
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Table 1. Engineering Soil Properties

Geological | Typical Soil [53 Su Y’
Formation Degree | kPa | kN/m
YBM Very Soft to - 10-65 4-7
Firm Clay
MPSA DensetoVery | 35-42 | 60-175 | 6-11
Dense Sand
with Stiff to
Very Stiff Clay
Layers
OBM/UAM Very Stiff to - 100 - 6-9
Sediments Hard Clay 250
LAA Dense to Very 40 + 225 - 9-12
Sediments Dense Sand 400
and Hard Clay
g2
g E§§
@ E :
R Tz E oo
i YBM 1 _VERY STIFF TO FIRM CLAY
- S . %__ s'iﬁ'gﬁ’,g%‘éﬁ"!r%‘?&gﬁy
20— STIFF CLAY LAYERS
J oBM XA
Baoy | e
e | L L AL .l SAND LAYERS
E UAM =
R s . 0 A W
s o
1T e BV N . - =
DENSE TO VERY DENSE SAND
-100— L] b WITHHARD CLAYLAYERS
FF 20100°7°0° 300 -
- Tip Resistance (MPa) Shear Strength (kPa)

Note: Undrained shear strength interpreted from CPT
tip resistance (N, = 12 to 15), down hole vane
tests and laboratory tests.

KEY TO GEOLOGIC UNITS

YBM = Young Bay Mud
MPSA = Merritt-Posey-San Antonio Formations
OBM = Old Bay Mud
UAM = Upper Alameda Marine
UAMPC = Upper Alameda Marine Paleochannel Sand
LAA = Lower Alameda Alluvial
LAAS = Lower Alameda Sand
FF = Franciscan Formation

Fig. 3. Typical Geological Formation Cross
Section

YBM, the youngest geologic unit in the bay, is
marine clay that has been deposited since the
end of the last sea level low stand, which was
about 11,000 years ago (Atwater et al., 1977).
YBM sediments are generally very soft to firm,
normally to slightly over-consolidated, high
plasticity clay. The YBM includes sand layers
and or seams within several depth intervals that
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may correlate to different depositional periods.
The undrained shear strength of YBM generally
increases with depths from 2 to 4 kilopascals
(kPa) at the surface to 20 to 65 kPa at the base
of the sequence. At the primary and alternate
test location, the YBM is approximately 4 to 6
and 20 meters thick, respectively.

MPSA formations, which is beneath the YBM, a
layered sequence of dense to very dense sand
with layers of stiff to very stiff sandy clay and
clay is present over portions of eastern Bay. The
sequence 1is generally considered to be
composed of late Pleistocene, non-marine
sediments deposited during the late Wisconsin
glacial stage (90,000 to 11,000 years ago). The
Merritt formation reportedly is primarily coarse-
grained, aeolian sediments that were blown in
from the west during sea level low stands
(Rogers and Figuers, 1991).

The Posey member, typically considered the
basal member of the San Antonio Formation, is
reportedly of primarily alluvial origin and was
likely deposited within channels that were active
during sea level low stands. Although primarily
non-marine deposits, the late Wisconsin glacial
stage also included periods of sea level
fluctuations that may have produced estuarine
environments. The fine-grained layers within
the sequence are likely associated with those
periods. At the primary and alternate test
location, the MPSA is approximately 7 to 8 and
less than 5 meters thick, respectively.

OBM sediments, which underlies the San
Antonio Formation and overlies the Alameda
Formation is considered to be an 80,000 to
130,000 year old marine deposit (Sloan, 1982).
The surface of the OBM 1is extensively
channeled. The OBM typically is a very stiff to
hard, over-consolidated, plastic clay that
includes several, often discontinues, crusts. The
undrained shear strength of OBM increases with
depth and typically range from 90 to 175 kPa at
the top of the sequence to 150 to 250 kPa at the
base of the sequence. The sequence also



includes numerous “crust” layers with shear
strengths 25 to 50 kPa higher than adjacent

layers. Those crust layers are interpreted to be °

old soil horizons that were exposed to air during
sea level changes. The OBM is typically about
20 to 25 meters thick.

Alameda Formation generally lies directly
above the Franciscan Formation (FF) bedrock in
the marine portion of the project area. The
Alameda Formation is considered to be of late
Pleistocene age (Sloan, 1982) and has been
informally divided into an Upper Alameda
Marine (UAM), primarily fine-grained marine
member, and Lower Alameda Alluvial (LAA),
primarily alluvial member (Rogers and Figuers,
1992a and 1992b).

UAM is composed primarily of very stiff to
hard, over-consolidated, plastic clay with
occasional silt, clayey silt and sand layers. Old
Bay Mud/Upper Alameda Marine (OBM/UAM)
sediments, which consist primarily of very stiff
to hard fat clay. Except for the increased
occurrence of coarser-grained interbeds, the
UAM clays are similar to the marine clays
overlying OBM. The combined thickness of
those marine clays is typically about 60 meters.
At the primary test location the OBM/UAM is
60 to 65 m thick with an intermediate 6 m thick
very dense sand layer known as the Upper
Alameda Marine Paleochannel (UAMPC) sand.
At the Alternate test location the OBM/UAM is
50 to 55 meters thick.

Lower Alameda Alluvial (LAA) sediments
includes a 3 to 10 meters thick cap layer of very
stiff to hard lean clay underlain by a sequence of
primarily very dense granular alluvial
sediments. The PIDP specified pile tip
elevations were anticipated to be approximately
10 meters into the LAA-sand.

COMBINED CASE PILE WAVE

ANALYSIS
Satisfactory CAPWAP  evaluations and
estimates of the ultimate pile capacity require
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that the hammer energy be sufficient to move
the pile enough to fully mobilize the available
soil resistance. If the energy is not sufficient to
mobilize the full soil resistance then the
CAPWAP  analyses may  significantly
underestimate the available static pile capacity.
However, based on the data collected during
continuous installation driving and after a series
of re-strikes at different set-up times, the
combined CAPWAP analysis (Stevens 2000,
Mohan et al. 2002) can be used to better
estimate the available static pile capacity even
when the hammer is not able to mobilize the
entire soil resistance during a series of re-
strike(s). The combined CAPWAP approach is
illustrated schematically on Fig. 4.
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A combined “best estimate” skin friction
distribution was obtained by summing the
largest mobilized skin friction increment values
along the length of the pile during initial driving
or subsequent re-strike(s). It is important to
recognize that the largest mobilized skin
resistance increment may come from the
CAPWAP analysis performed at the end of re-
strike. This is due to the fact that subsequent



hammer blows will breakdown the setup in the
upper portion of the pile and mobilize skin
resistance in the lower portion of the pile that
was not mobilized at the beginning of the re-
strike.

The high resistances are seen as abrupt peaks in
the unit skin resistance immediately above the
portion of the pile for which unit skin friction is
zero. This phenomenon may be attributed to the
fact that this portion of the pile is no longer
being moved enough by the hammer, resulting
in wave reflection that may be seen by the
model as an end bearing response. The abrupt
peaks in the unit skin resistance immediately
above the portion of the piles were neglected in
the best estimate skin resistance.

PILE CAPACITY/OBSERVED SET-UP

A series of restrikes were conducted on the
PIDP piles to better understand the magnitude
and distribution of soil resistance along the pile.
Three re-strikes were conducted on Pile-1, two
re-strikes were conducted on Pile-2, and one re-
strike was conducted on Pile-3. Based on
CAPWAP analyses results, the trend of increase
in total skin resistance (sand and clay) with time
is shown on Fig. 5. For comparison, total skin
resistance profiles computed based on API
design method (1993a, b) is shown on Fig. 5.

Fig. 6 presents the total skin resistance (sand
and clay) at each re-strike versus time and
predicted static skin resistance based on the API
design method (1993a, 1993b). It appears that
after 33-days of set up, Pile-1 has the static skin
resistance capacity of 70 MN, which is
approximately 88 percent of design skin
resistance capacity. For Pile 2, the total skin
resistance capacity was approximately 67 MN
after 22 days of set-up. However, due to the
presencs of predominantly clayey soils at the
site, it is likely that soil pile setup will continue
for several months. Also, it is likely that the skin
friction capacity may exceed the predicted
capacity of 80 MN by the API design method.
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PREDICTED SET-UP IN CLAY
The predicted set-up in clayey soils was based
on a method developed by Soderberg (1962).
This method was based on site-specific radial
consolidation coefficient (c;). The coefficient of
radial consolidation was defined by:

T=cyt /rp2

In Soderberg’s hypothesis, the time factor (T)
was set equal to unity at time t equal to tso.
Therefore, the equation may be rearranged as

Ch =T (r,7/t) = (1t,°/ts0)

The linear relationships describing the range of
predicted increase of axial geotechnical capacity
with time are identical to that recommended in
Bogard and Matlock (1990c).

Lower Bound: Q(t) = Q, (0.20 + 0.80U)
Upper Bound: Q(t) = Q, (0.30 + 0.67U)

Where percent consolidation (U) given by:
U = (t/tso)/(1 + t/tso)

The predicted ranges of set-up for the method is
based on an assumed range of set-up factors of 3
to 5. The set-up factor is the ratio of final
ultimate capacity to the capacity at the end of
initial driving. The horizontal coefficient of
consolidation (cy) was chosen for the Soderberg
method based on available consolidation test
data in the Young and Old Bay Mud and a series
of multiple orientation consolidation tests that
were performed as a part of site
characterization. The vertical coefficient of
consolidation (c,) was selected from the lower
one-third of the available test data range as
presented in Fig. 7. Which was approximately 8
square meters per year (m”/year). Also, based on
the multi-oriented consolidation test data in the
over consolidated range of stresses; the c, value
was multiplied by the ratio of ¢, to ¢y
(approximately 1.5) to obtain a c¢; value of
approximately 12 m2/year.
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Fig. 8 presents the predicted set-up that based
on Soderberg’s method and the calculated setup
based on CAPWAP analysis for the three piles.
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The combined CAPWAP analyses may be
conservative since the skin friction was not
mobilized in the lower portion of the pile during



re-strikes, and the skin resistance mobilized on a
particular pile segment is assumed to be larger
of the actual resistance mobilized during
continuous driving (Stevens 2000). However,
the skin resistance is likely to continue to
increase with time and likely to exceed the
calculated (API 1993a, b) ultimate skin friction
of pile capacity.

SOIL RESISTANCE TO DRIVING (SRD)
Stevens et al. (1982) recommended that lower
and upper bound values of SRD be computed
for the coring pile condition especially for larger
diameter pipe piles. When a pile cores, relative
movement between pile and soil occurs both on
outside and inside of pile wall. The data
presented in Fig. 9 indicates that all three piles
cored through the soil during continuous
driving.
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Fig. 9 Summary of Soil Plug Measurements

The lower bound was computed assuming that
the skin friction developed on the inside of the
pile is negligible. An upper bound is computed
assuming the internal skin friction is equal to 50
percent of the external skin friction. For a
plugged pile, a lower bound is computed using
unadjusted values of unit skin friction and unit
end bearing. An upper bound plugged case for
granular soils is computed by increasing the unit
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skin friction by 30 percent and the unit end
bearing by 50 percent. For cohesive soils the
unit skin friction is not increased and the unit
end bearing is computed using a bearing
capacity factor of 15, which is an increase of 67
percent.

For sandy soils, the unit skin friction and unit
end bearing values that were used to predict the
SDR were the same as those used to compute
static pile capacity. For clayey soils, the SRD
was computed using two methods.

Method-I by Stevens et al. (1982), the unit skin
friction was computed from the stress history
approach presented by Semple and Gemeinhardt
(1981). The unit skin friction and unit end
bearing for static loading is first computed by
using the method recommended by the
American Petroleum Institute (1986). The SRD
is then calculated by incrementally reducing the
unit skin friction values by multiplying by a pile
capacity factor, determined empirically (Stevens
et al 1982). The pile capacity factor (Fp) is given
by:

Fp = 0.5x (OCR) >

The over-consolidation ratio (OCR) was
calculated with the following equations.

Su/Uunc = (OCR)O'85

Where:

Su undrained shear strength of clay and
Uunc  undrained shear strength-

normally consolidated clay

Uuine = G"wox(0.11-0.0037x Pr)

Where:

G’yo effective overburden pressure and
PI plasticity index

Or OCR was estimated from CPT tip resistances
with the use of following equation.

O"p =0.33X(qc—0'vvo)



Where:
de cone tip resistance, and
¢’,  preconsolidation stress

0CR=O"p/O"vo

Method-II was based on “Sensitivity Method”;
the unit skin friction for static loading is first
computed by using the method recommended by
American Petroleum Institute (1983, 1993a).
The SDR is then calculated by incrementally
reducing the unit skin friction values by
measured clay sensitivities (Dutt et al 1995,
Mohan and Buell 2000, Mohan et al 2002),
which is the ratio of the undisturbed to remolded
clay shear strengths.

WAVE EQUATION ANALYSIS

Wave equation analyses were performed to
predict the blow counts with the penetration
depth using GRLWEAP (1997-2) program for
the continuous driving case. The soil quake and
damping parameters recommended by Roussel
(1979) were used. The shaft and toe quakes
were assumed to be 0.25 centimeters for all soil
types. A shaft damping value of 0.19 to 0.36
seconds per meter was assumed for clayey soil.
The shaft damping value in clayey soil
decreases with increasing shear strength (Coyle
and Gibson 1970). The toe damping value of
0.49 seconds per meter was assumed for all soil

types.

OBSERVED Vs PREDICTED SRD

Fig. 10 presents results of predicted and PDA
observed SRD profiles for Pile 2. Interestingly,
the predicted and observed blow count profiles,
as expected, correlate well with the predicted
and PDA observed SRD. PDA observed SRD
was computed based on maximum Case Method
and damping coefficient (J) of 0.5. The
observed blow counts and SRD spikes at
penetration depths of about 45 and 70m were as
a result of soil pile set-up that occurred during
driving delays such as splicing and welding of
pile sections. Therefore, it demonstrates very
well that wave equation analyses can be used to
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reasonably predict the blow counts with the
penetration depth provided that similar hammer
energies are applied in the model.

OBSERVED vs PREDICTED BLOW
COUNTS

Fig. 11 presents the results of predicted and
observed blow counts for Pile 2. During
continuous driving observed blow counts below
a penetration of 35 to 40 meters, tend to follow
the lower bound of predicted blow counts based
on Method-I (Stevens et al. Method) and are
generally bound by upper and lower bounds
based on the “Sensitivity Method” (Method-II).
The sensitivity method seems to better predict
the observed blow counts in the soft Young Bay
Mud sediments even in the upper 35 to 40
meters for Pile 2. The observed blow counts
spikes at certain depths was as a result of soil
pile set-up that occurred during driving delays
such as splicing/welding of pile sections. The
results also indicate that after 3 to 5Sm of driving,
the setup was broken down and observed blow
counts seems to converge with the predicted
blow counts. Fig. 11 also demonstrates. that if
piles are driven to the required design tip
elevations, piles can be accepted based on the
coring case lower bound acceptance criteria for
the given range of hammer energy or
efficiencies by either method for clayey soils.

CONCLUSIONS

The combined CAPWAP analysis can be used
to estimate the capacity of driven piles with time
and to proof-test the piles even if the hammer
does not have sufficient energy to drive or
mobilize the pile at their ultimate capacity. The
combined CAPWAP analysis can also be used
to establish the soil-pile setup with time for the
clayey soils. It will be valuable data during
staged construction in order to establish waiting
periods prior to loading the piles. Provided that
piles are driven to the required design tip
elevations, piles can be accepted based on the
coring case, lower bound acceptance criteria for
the given range of hammer energy or
efficiencies by either method for clayey soils.
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LANDSLIDING ALONG THE HIGHWAY 50 CORRIDOR:
GEOLOGY AND SLOPE STABILITY OF THE AMERICAN RIVER CANYON
BETWEEN RIVERTON AND STRAWBERRY, El DORADO COUNTY,
CALIFORNIA
by

David L. Wagner, Thomas E. Spittler, and Robert H. Sydnor
California Geological Survey
801 K Street, MS 12-32 Sacramento, California 95814-3531

Abstract

Highway 50 was blocked for 27 days while construction crews removed 350,000 cubic
yards of landslide debris following the January 24, 1997, Mill Creek Landslide. At the
request of the California Department of Transportation, the California Geological Survey
mapped the geology and slope stability of the American River canyon adjacent to
Highway 50 for about 15 miles between Riverton and Strawberry. The purpose of this
geologic mapping was to identify and locate unstable earth materials underlying the
slopes of the canyon and to determine the influence of the geology and geologic structure
of the area on slope stability. Over 600 landslides were identified. Over 50 of these
landslides moved during the winter of 1996-97. The most unstable slopes are between
Riverton and Twentynine Mile Station. The rocks have been weakened by deformation
and there are masses of unconsolidated, sandy, material that, prior to this study, had not
been recognized. Active landslides occur along or near boundaries between different rock
types. Landslides were grouped according to their estimated relative stability to aid
Caltrans in setting priorities for mitigation. The area can be subdivided into three domains
based on the types and frequency of landslides. Slope inclination, bedrock geology,
geologic structure, geomorphology, weathering, vegetation, and precipitation all influence
the stability of the slopes along the Highway 50 corridor.

Introduction

Traffic on U.S. Highway 50 (Hwy 50) between Sacramento and South Lake Tahoe
(Figure 1) was blocked for 27 days while construction crews removed millions of cubic
yards of landslide debris following the January 24, 1997, Mill Creek Landslide (Sydnor,
1997; Spittler and Wagner, 1998). On April 9, 1983, the Highway 50 Landslide closed
the highway for 75 days. Highway 50 is a major traffic route crossing the north central
Sierra Nevada (Figure 1).

At the request of Department of Transportation, the California Geological Survey
(CGS) conducted an investi